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ABSTRACT

The National Bureau of Standards (NBS), at the request of the Occupational
Safety and Health Administration, conducted an investigation to determine the

most likely cause of the collapse of a portion of a highway ramp in East Chi-
cago, Indiana. The accident occurred on April 15, 1982, and resulted in the

death of 13 workers. A team of engineers from NBS and the Federal Highway
Administration carried out an extensive field investigation, in cooperation
with personnel from the Indiana Occupational Safety and Health Administration,
to ascertain the conditions prior to and after the accident. In addition,
the NBS performed physical tests on key components of the temporary support
system used to build the ramp. A structural analysis was also performed to

compute the magnitude of the forces acting in various components of the support
system. The calculated forces were compared with the expected strengths of

these components. It is concluded that the most likely triggering mechanism of
the collapse was the cracking of a concrete pad supporting a leg of the shoring
towers. It is shown that this initial failure caused additional components to

fail which ultimately led to the collapse of the support system and major seg-
ments of the partially completed ramp. It is further concluded that the

following deficiencies contributed directly to the collapse of a unit of the

ramp construction: 1) specified wedges were omitted between stringers and
crossbeams; 2) the concrete pads supporting the shoring towers had an inade-
quate margin of safety to resist the expected loads; 3) the tops of the shoring
towers were not adequately stabilized against longitudinal movement; and 4) the

weld quality in the U-heads supporting the crossbeams was poor. Had any of

these deficiencies not existed, it is unlikely that the collapse would have
occurred. Additional deficiencies contributed to the subsequent collapse of
another ramp unit. They were as follows: 1) specified one-inch bolts were not
provided for connecting crossbeams to stringers and overlap beams; 2) special
overlap beams at the piers were not constructed as specified; and 3) the con-
struction sequence deviated from the specified sequence.

Key Words: Bridge; collapse; concrete; construction; failure investigation;
falsework; field load tests; formwork; post-tensioning; structural
analysis
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EXECUTIVE SUMMARY

On April 15, 1982, a portion of Ramp C of the Riley Road Interchange in East
Chicago, Indiana collapsed during construction. The Occupational Safety and
Health Administration requested the assistance of the National Bureau of

Standards (NBS) to carry out an investigation of the technical reason for the
accident, which resulted in the death of 13 workers.

On April 17, a team of structural engineers from the NBS arrived at the
accident site and initiated its study. The NBS team was later joined by a

representative of the Federal Highway Administration, and they were assisted by
personnel from the Indiana Occupational Safety and Health Administration
(IOSHA), which had jurisdiction over the site, in obtaining the necessary docu-
ments for the investigation. In addition to an extensive field investigation,
the NBS performed physical tests to characterize the behavior of various criti-
cal structural elements. In parallel with the testing, a detailed structural
analysis was performed on the partially completed structure. The calculated
forces in key components were compared with their expected strengths, from
which the most likely cause of the failure was determined.

The structure under construction was an approach ramp to an elevated highway
over the East Chicago ship channel. The ramp was being built using the method
known as cast-in-place, post-tensioned , prestressed concrete. The concrete
formwork is supported by a temporary support system, known as "falsework".
When the cast concrete has attained a specified strength, high-strength steel
tendons passing longitudinally through the structure are tensioned, and this

provides the needed reinforcement for the concrete structure to safely support
the service loads. Before the steel is tensioned, the falsework provides the

support for the construction loads and the partially completed structure.

The portion of Ramp C under construction was to be built in five sections, or
"units". At the time of the collapse, the tendons in three units had been
post-tensioned, and two units were partially constructed. Concrete was being
placed to complete unit IV when, at about 10:40 a.m., the collapse occurred.
Unit IV fell suddenly without apparent warning, and about five minutes later
unit V also collapsed. Early in the investigation, it was concluded that the
collapse originated within the unit IV; this was the principal focus of the

investigation.

Based on structural drawings and field measurements, the configuration of the
falsework system, as it existed prior to accident, was determined. The false-
work system was composed of "high-load capacity" shoring towers resting on
individual concrete pads placed on-grade. These towers were located adjacent
to the bridge piers and at the third-points of the spans. The towers were
built from prefabricated, welded frames and bolt-on tubular braces. Various
standard-sized frames were stacked on top of each other to achieve the required
tower heights. The towers supported a steel framework, composed of longitudi-
nal stringers and transverse crossbeams.

The structural drawings called for 1-in (25-mm) steel bolts to connect certain
stringers to the cross-beams. No evidence of these bolts was found during the
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field investigation. A frictional clip was used in place of the bolts, but no
documentation was found authorizing this substitution. The drawings also

specified wedges between crossbeams and stringers to compensate for the slope
of the roadway. There was no evidence that wedges were used, and no documen-
tation was found approving their omission. In addition, no calculations were
found for the engineering design of the concrete pads, and the construction
sequence deviated from that specified in the drawings.

Samples of key falsework components were delivered to the NBS for testing and
inspection. The following items were tested: sand boxes that were used beneath
the lower screw jacks of the shoring towers; U-heads which supported the cross-
beams at the top of the towers; tube braces used to join together the prefabri-
cated frames; and cores taken from various concrete pads. In addition, load
tests were performed on an assembly simulating the falsework system, and metal-
lographic examinations were made on portions of the upper screw jacks recovered
from the collapse debris. Laboratory tests were supplemented with tests at the
site to determine the load capacity of the concrete pads and the stiffnesses of

the tower-leg foundations.

A linear-elastic structural analysis was performed on the critical portion of
the structure. A computational model was developed, which included the actual
construction sequence, the actual structural configuration, and the interaction
between the tower legs and their foundations. The best estimate of the con-
struction loads acting at the time of the failure was applied to the model in
order to calculate the forces in the falsework system.

A comparison was made between the calculated forces and the expected strengths
of various falsework components within unit IV. It was concluded that the

most likely triggering mechanism of the collapse was a failure of a concrete
pad. Subsequent analyses were performed to demonstrate how the initial fail-
ure led to the failure of additional components, causing an unstable condition
whereby a crossbeam tipped over and resulted in the total collapse of the

falsework system. It was further concluded that it is unlikely that the
following failures initiated the collapse: failure of the wood sand boxes;
failure of the U-heads; failure of the tubular braces; failure of the tower
legs; and failure of the crossbeams.

While a detailed analysis of the cause of the collapse of unit V was not
performed, the following observations were noted. The falsework system lacked
positive bracing in the longitudinal and transverse directions. Positive con-
nections were lacking between the stringers and the crossbeams. Once unit IV
collapsed, unit V was literally left "hanging in air" and eventually started
to collapse. Falling stringers impaled shoring towers still standing and the
collapse progressed in a domino-fashion throughout unit V.

In summary, it is concluded that the following deficiencies contributed
directly to the collapse of unit IV: 1) the omission of specified wedges
between stringers and crossbeams; 2) the concrete pads had an inadequate margin
of safety to resist the expected construction loads; 3) the tops of the shoring
towers were not adequately stabilized against longitudinal movement; and 4) the
weld quality in the U-heads was poor. Had any one of these deficiencies not
existed, it is unlikely that the collapse would have occurred. Additional

v



deficiencies contributed to the collapse of unit V. They were as follows: 1)

specified one-inch bolts were not provided for connecting crossbeams to

stringers and to overlap beams; 2) the special overlap beams at the piers were
not constructed as specified; and 3) the construction sequence deviated from
the specified sequence.
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1 . INTRODUCTION

On Thursday, April 15, 1982, a construction failure of a highway ramp structure
occurred in East Chicago, Indiana. Thirteen workers were killed and 15 were

injured, making it the worst construction accident in Indiana history. Immedi-
ately after the collapse, the Occupational Safety and Health Administration,
Department of Labor, requested the technical assistance of the National Bureau
of Standards (NBS) to investigate the cause of the failure. A team of NBS

structural engineers arrived at the site on Saturday, April 17, 1982, and were
briefed by personnel of the Indiana Occupational Safety and Health
Administration (IOSHA), which had jurisdiction over the collapse site.

Based on the initial field visits, the NBS team developed a comprehensive
investigative plan which included securing construction documents and material
samples, conducting interviews of workers on the project, performing physical
tests on materials and components, and carrying out a structural analysis of

the conditions existing at the time of the collapse. Personnel of the IOSHA
provided invaluable assistance in many phases of the field investigation.

This report documents the results of the NBS investigation, and is divided into
nine chapters and an appendix. Chapter 1 provides an overview of the report.
Chapter 2 provides an overall description of the structure and the construction
method being employed. The structure is an approach ramp to an elevated high-
way passing over the East Chicago ship canal. It was being built using the

technique of cast-in-place, post-tensioned pretressed concrete, and the par-
tially completed structure was being supported by a falsework system that
included high-load capacity shoring towers. Chapter 2 reviews the construc-
tion history and explains the state of construction as it existed at the time
of the accident. Also described is the appearance of the collapsed structure.
Descriptions provided by eyewitnesses of the collapse revealed that the struc-
ture fell in two separate phases: the immediate collapse of that portion where
fresh concrete was being placed (unit IV), and a more gradual collapse of the
remaining unfinished structure (unit V). There was about a five-minute time
interval between the two events. The focus of the NBS investigation was aimed
at determining the cause of the initial failure.

>

Chapter 3 summarizes the field investigation conducted to establish the
conditions of the structure as they existed prior to the collapse. Information
was derived from site visits and from examinations of photographs and struc-
tural drawings. A representative of the Federal Highway Administration
assisted in the field investigation. Also included in this chapter is a sum-
mary of the interview statements recorded by the IOSHA. A detailed description
of the falsework system configuration is provided, and discrepancies between
the structural drawings and what was observed in the field are noted. Finally,
the locations within the collapse debris of major components of the falsework
system are described, and this evidence is used to develop a possible collapse
sequence

.

Chapter 4 deals with the experimental investigation to establish the strength
and deformation characteristics of key components of the falsework system.

1



Laboratory tests were supplemented with full-scale load tests on concrete pads.

The load tests were performed at the site and they provided data for analytical
modelling as well as for the load capacities of the pads.

Chapter 5 presents the linear-elastic structural analysis performed on the

critical portion of the ramp. The computational model and loading conditions
are discussed. The model accounts for the two-stage casting sequence used in
construction, and it incorporates foundation stiffness values derived from the
full-scale load tests. The analytical results are summarized in terms of

support reactions and member forces.

In chapter 6 a comparison is made between the strengths of falsework components
and the calculated forces. It is shown that a concrete pad is the only compo-
nent for which the applied load was as large as the expected strength, and it

is concluded that the cracking of a pad is the most likely event which trig-
gered the collapse. The computational model is used to demonstrate how the

cracking of pads led to an instability condition which resulted in a collapse
sequence that is consistent with the observed locations of falsework components
in the collapse debris.

Chapter 7 is a summary of the findings, chapter 8 lists the references cited
in the report, chapter 9 acknowledges those individuals who contributed to the

investigation, and the appendix includes supplementary data.
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2. DESCRIPTION OF STRUCTURE AND COLLAPSE

2 . 1 INTRODUCTION

This chapter provides background information on the configuration and

construction method for Ramp C of the Riley Road Interchange. In addition,

there is a description of the appearance of the structure after the collapse.
Much of the information was derived from documents and photographs obtained by

IOSHA for the NBS investigation.

Section 2.2 describes the ramp structure in terms of its alignment, dimensions
and specified construction materials. Most of these data were obtained from

the structural drawings.

Section 2.3 discusses the construction method that was employed. This

information also was developed mainly from the structural drawings.

Section 2.4 presents the construction sequence and the dates of major
construction activities. The daily log of the project engineer is the main
source of information. Photographs taken by various employees prior to the

collapse helped to verify some details of the construction method.

Section 2.5 describes the appearance of the collapsed portions of the ramp.

Photographs taken by a local newspaper provided valuable documentation of the

appearance of the site shortly after the failure.

Section 2.6 summarizes the chapter.

2.2 DESCRIPTION OF THE STRUCTURE

The structure, known as Ramp C, is located at the interchange of Riley Road and
Cline Avenue in East Chicago, Indiana. It is intended to move traffic from
Riley Road onto the eastbound lane of Cline Avenue. Figure 2.1 is a view look-
ing east taken shortly after the failure, and shows the portion of the ramp
which remained standing. The ramp was to be built in two phases. In the first
phase, the portion from pier 404 to an expansion joint beyond pier 409 was being
built. In the second phase, the portion west of pier 404 and passing over
Riley Road would be built. At the time of the collapse work was in progress
east of pier 407 in the first portion.

Figures 2.2 and 2.3 are plan and elevation views, respectively, of Ramp C from
the construction joint west of pier 404 to the expansion joint east of pier 409.

Also indicated is the extent of the collapse zone. In plan (figure 2.2), this
portion of Ramp C is straight up to station 27 + 93.65 at which point the road-
way is on a horizontal curve of radius 716.2 ft (218.3 m) . The superelevation
is 1.56 percent up to station 27 + 10 at which point it starts its transition
to a superelevation of 7 percent at station 28 + 35. The span lengths in
figure 2.2 are along the center-line of the ramp. The roadway has a constant
uphill grade of 3.569 percent.
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The structure was being built in sections, referred to as "units", as indicated
in figure 2.3. The construction method will be described in section 2.3. The
cross section of the ramp was box-shaped as shown in figure 2.4. Each unit
was cast in two sections. First the bottom slab and side walls were cast, and

then at a later date the top slab was cast. The specified 28-day compressive
strength of the concrete is 5500 psi (37.9 MPa).

The box girder was reinforced as indicated in figure 2.5. The top mat of bars
in the top slab were epoxy-coated for corrosion resistance. In addition to

the reinforcing bars, the box girder also contained post-tensioning tendons in
the side walls, as illustrated in figure 2.6 for unit IV. There were four

tendons in each side wall, and each tendon was composed of 19 0.6-in (15-mm),
seven-wire strands with an ultimate strength of 270 ksi (1.86 GPa). The post-
tensioned tendons provide the main reinforcement in the longitudinal direction.

According to the structural drawings, the tendons were to be stressed when the

compressive strength of the concrete in the top slab had reached at least 3500
psi (24.1 MPa) and the concrete in the side walls had reached at least 4000
psi (27.6 MPa). The tendons of a particular unit were attached to the tendons
of the previous unit by means of special coupling hardware. As shown at the

bottom of figure 2.6, the jacking and coupler ends of each unit were enlarged
to accommodate the anchorage stresses.

The concrete piers have a solid rectangular cross section with enlarged caps

having the same transverse dimension as the bottom slab of the box girder. The
pier shafts rest on 6-ft (1.8-m) thick concrete pile caps. The pile caps are
in turn supported by 14-in (356-mm) high capacity steel piles, which were driven
to bearing on rock and were then filled with concrete. The specified 28-day
compressive strength of the pier concrete is 4000 psi (27.6 MPa).

Figure 2.7 shows the dimensions and steel reinforcement for pier 408, as a

typical example. Not shown in figure 2.7 are #11 dowel bars which extended
from the pier cap into the box-girder diaphragm. These dowel bars were used
at all fixed bearings (refer to figure 2.3 for the type of bearing at the

other piers)

.

2.3 CONSTRUCTION METHOD

The contract proposed by the Indiana State Highway Commission (ISHC) for the
ramps of the Riley Road Interchange specified that the concrete structural mem-
bers be built of prestressed concrete using the technique known as segmental,
pre-cast, post-tensioned construction. Basically this method involves the manu-
facture of pre-cast reinforced concrete segments, which are then lifted into

place and joined together by means of post-tensioning tendons which pass through
the segments. However, the proposal had a provision which permitted a contrac-
tor to submit and bid on an alternate design provided the design criteria were
met and that the contractor would retain a consultant to review the engineering
design. The contractor who won the proposal submitted an alternate design
based on construction by the cast-in-place, post-tensioned method.

4



The method proposed by the contractor called for casting the ramp in sections
or units as previously shown in figure 2.3. The units would be joined together
with post-tensioning tendons to provide the required strength to resist loads.
Prior to post-tensioning, the units were to be supported by falsework which
included high-load capacity shoring towers. The proposed method was reviewed
and approved by the review consultant and by ISHC.

Figure 2.8 shows an elevation view of the ramp with the locations of the

high-load capacity shoring towers as specified in the structural drawings. It

is seen that towers were provided at the piers and at the third points between
piers. The formwork for the box girder was supported by steel beams (stringers)
spanning between the towers. The stringers were supported by transverse beams
(crossbeams) on top of the towers. Additional details of the falsework system
will be presented in sub-sections 3.2.2 to 3.2.4. The tower legs were
supported by concrete pads which according to the structural drawings were to

be 5 x 5 x 1 ft (1.5 x 1.5 x 0.3 m)

.

The box-girder units were cast in two stages, the bottom slab (flange) and
side walls (webs) were cast first and then the top slab was placed. When the
bottom portion of each unit was cast, a gap was provided over the piers which
was filled-in during the top-slab placement. Figure 2.9 shows the planned
dimensions of unit IV to illustrate the discontinuity at the pier for the

bottom portion of each unit. Note also that the right-hand* side wall (web)
had blockouts for drain pipes. The blockouts were filled during the top-slab
placement

.

When the bottom portion was cast, the entire load was supported by the shoring
towers, that is, none of the load was resisted by the concrete piers. When the
top slab was placed, the piers supported only the fresh concrete placed in the
diaphragm. Thus the towers supported all loads until the units were
prestressed, at which time loads were transferred to the piers.

2.4 CONSTRUCTION SCHEDULE

According to sheet 342 of the structural drawings, the typical construction
sequence for each unit was as follows:

"1. Erect scaffolding and forms.
2. Place rebar and post tensioning tendons in bottom slab and webs.
3 Pour bottom slab and webs.
4. Place rebar in top slab.

5. When the concrete has reached a strength of 4,000 psi in the webs
and 3,500 psi in the top slab, stress the post tensioning tendons.
(See stressing sequence table.)

6. Remove forms and scaffolding."

* The term "right-hand" and left-hand" are based on the person looking
up-station, that is from west to east.

5



The above sequence implies that construction would have progressed one unit at

a time from pier 404 to beyond pier 409, that is, the unit under construction
would be pre-stressed before placing the bottom portion of the next unit.
However, the actual construction sequence deviated from the above.

Table 2.1 gives the dates of major construction activities based on the daily
reports of the project engineer for ISHC. It is seen that the bottom portion
of unit II was cast before casting the top slab of unit I. This was followed
by casting the bottom portions of units III and IV, after which there was
about a two-month inactive period due to winter weather. Upon restart of con-
struction in February 1982, the top slab of unit II and the bottom portion of

unit V were cast. In March the top of unit III was cast, and on April 15, 1982
the top slab of unit IV was being placed when, at about 10:40 am, the collapse
occurred. At the time of the collapse none of the supporting falsework (other
than formwork) had been removed from Ramp C.

Figures 2.10 and 2.11 are enlarged portions of photographs taken by an employee
in December, 1981. The photos indicate that the bottom portion of unit IV had
been cast and the forms are covered with blankets. Figure 2.10 was taken from
the southeast and it shows the falsework as it existed from pier 407 to the end
of construction. Figure 2.11 was taken from the northwest and it gives details
of the falsework for a portion of unit IV. These photographs proved valuable
in reconstructing the layout of the falsework.

The construction sequence that was used resulted in a modification of the
casting of the units. Because the lower portion of the subsequent unit was
cast before pre-stressing a unit, it was necessary to omit a portion of the

bottom slab and side walls at the coupler end (figure 2.6) of the subsequent
unit. This was required in order to be able to post-tension the tendons in
the unit. This gap was filled before the top slab was placed. According to

the project engineer's daily log, the gap at the coupler end of unit IV was
filled two days before the collapse. Based on the information provided to NBS,

there was no specification for the dimensions of the gap nor for the procedure
to follow in its construction.

The precast concrete pads to support the shoring towers were placed on the
ground using a levelling course of fine boiler slag (known as "black beauty").
It appears that there was no specification for the subgrade preparation to be
used before placing these pads into position. The excavated regions around
the piers were backfilled with the same boiler slag. The concrete pads for the

towers adjacent to the piers rested on the boiler-slag fill. In subsection
3.3.1 the statements of workers involved in falsework erection are reviewed and
they give further details of the construction methods that were used.

Figure 2.12 is a photograph taken by an employee on April 11, 1982, just four
days prior to the accident. The photo indicates the location of the scaffold
stair tower on the southside of unit IV. Also shown is the side-wall formwork
that was in-place at the coupler end of unit V (the construction joint).

At the time of the collapse, the top slab of unit IV and the diaphragm over pier
408 were being cast. According to the delivery tickets from the ready-mixed
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concrete plant, 140 yd^ (107 m^) of concrete had been delivered for the top

slab. From field measurements it was found that the diaphragm had been filled

to an elevation of about 5 ft (1.5 m)
,
thus it was calculated that the top

slab had been placed to a point about 20 ft (6.1 m) west of pier 408, when the

collapse initiated. This estimate was corroborated by worker statements and

by measurements of the extent of the cement paste stain on the northern side

wall of unit IV (see figure 2.17).

Figure 2.13 represents the state of construction as it probably existed just

before the collapse. Post-tensioning tendons were in place in unit IV, but

they were not yet tensioned. However, the tendons were wedged into place at

the jacking end of unit IV and were coupled to the jacking end of unit III,

which had already been pre-stressed . The gap at the coupler end of unit V had
formwork in place. Unit V had two tendons in place in the left-hand side wall,

but they were not coupled to unit IV. Thus, the only connection between unit

IV and unit V was provided by the formwork between the two units.

Based on interview statements, concrete was not being deposited on the deck at

the time of collapse. Weather data from a nearby industrial plant shows that
there was about a 15-mph (24-km/hr) wind blowing approximately from the south.
The weather was described as "fair" by the field engineer and the temperature
range for the day was 50° to 70°F (10° to 21°C) .

2.5 DESCRIPTION OF THE COLLAPSE

This section discusses the appearance of the collapsed structure. Descriptions
of the collapse as witnessed by various employees is presented in subsection
3.3.2.

Figures 2.14, 2.15, and 2.16 are aerial photographs taken on the day of the
failure. They show the location of the debris before a significant amount of
it had been moved for rescue operations.

Figure 2.14 was taken from the southwest direction and shows the overall
appearance of the site. The collapse extended from the construction joint east
of pier 407 to the end of construction east of pier 409. Figure 2.15 was taken
from the east and gives another overall view of the site.

As will be discussed in subsection 3.3.2, the failure occurred in two stages:
first, unit IV collapsed, and then unit V collapsed. There was about a five-
minute time interval between the two stages. The collapse of unit IV was
reported to be sudden, while unit V came down in a more gradual "domino-fashion."

Unit V came down in four main sections: two sections east of pier 409 and two
sections west of it. The two sections east of pier 409 fell down in an approxi-
mately vertical direction. West of pier 409, there was evidence of translation.
Specifically, the western most section translated toward the east and ended up
beneath the other section.

At the east end of unit V, a "cherry picker" type crane was struck by the
debris. This crane had been located at the north side of the unit IV for

7



delivering concrete to the top slab. After unit IV fell, the crane was moved
to the east end of unit V in an attempt to rescue workers that had been trapped

on top of that unit. There was only one stairway and it was located in unit IV

(figure 2.12). While the operator was positioning the outriggers of the crane,

unit V fell. This confirms that there was a distinct time interval between the

initial collapse of unit IV and the subsequent collapse of unit V.

Figure 2.16 shows unit IV as viewed from the northeast. The west end of unit
IV (the coupler end) remained attached to unit III by means of the post-

tensioning tendons which were coupled to unit III. Unit IV hangs lower than
unit III because of the slack originally in the tendons and additional slack
produced during the collapse. It is also seen that the portion of unit IV

which was originally located east of pier 408, flipped over pier 408 and landed
upside down on the other portion of unit IV. A possible collapse mechanism
resulting in the final configuration will be presented below. Also shown in
figure 2.16 is the collapsed stairway which fell on top of the flipped-over
section.

Figure 2.17, 2.18, and 2.19 are ground level views of unit IV. Figure 2.17 is

a view from the northeast and shows the portions of unit IV that were adjacent
to pier 408. Stains due to fresh cement paste can be seen on the northern side
wall. The stained region ends at about 20 ft (6 m) from the end of the unit,

and this is assumed to indicate how much of the top-slab concrete had been
placed. In the foreground of figure 2.17 is seen a short, steel beam that was
originally located next to the cap of pier 408. The purpose of this beam is

discussed in subsection 3.2.4.

Figure 2.18 is a partial view of unit IV as viewed from the southeast. The

hanging portion has the wall forms in place that were required for filling the
gap at the coupler end. This concrete was placed two days before the accident.
In the foreground of figure 2.18 is one of the longitudinal beams (stringer)
used to support the formwork. On top of the stringer there are 4x6- timbers
which supported the plywood decking.

Figure 2.19 is a view of the hanging portion of unit IV as seen from the

southwest. The portion of the floor slab that is a lighter shade is the portion
cast two days before the failure. Also seen are the damaged shoring towers at
pier 407. The two transverse beams on unit III were added after the collapse
to help support the stringers which were originally supported by the towers at

pier 407. Figure 2.19 also shows some of the falsework details to be discussed
in section 3.2.

Figure 2.20 is a reconstruction of a possible mechanism of the collapse of unit
IV. Field observations after the failure revealed a large gap in the northern
wall of unit IV at approximately the same cross section containing the drain
blockout on the south wall (see figure 2.9). Thus, it is suggested that unit
IV developed initial cracking at the location of the cross-section with the
blockout. As the unit fell it dragged with it the portion east of pier 408

(#1)*, because the tendons were wedged in place at the jacking end of unit IV.

* These numbers refer to the sequencee numbers given in figure 2.20.



At some point the segment being dragged flipped over the pier and the segment

was propelled westward (#2, #3). When the air-borne segment hit the portion
of unit IV on the ground (#4), two things occurred: the south wall between
the drain blockout and the end of the segment was flattened and a second
major break was created (#5). This sequence results in a final configuration
consistent with field observations.

Prior to post-tensioning a unit, all construction loads were supposed to be
resisted by the falsework system. Thus, cracking of unit IV was due to a fail-
ure of the falsework system, causing the unit to support construction loads that
it was never intended to sustain.

2 . 6 SUMMARY

Ramp C of the Riley Road Interchange is constructed of prestressed concrete,
and the roadway has a box-shaped cross section. The ramp was being built in

segments, referred to as "units", which are prestressed by post-tensioning
tendons in the side walls of the box girder. Prior to stressing, each unit is

supported by a falsework system consisting of longitudinal stringers, cross
beams and high-load capacity shoring towers. The unstressed units were not

intended to support bending streses due to construction loads.

The construction sequence in the structural drawings indicated that each unit
should have been pre-stressed before beginning the casting of the next unit.
However, in the actual construction schedule, the bottom portions of subsequent
units were cast prior to pre-stressing a unit. This resulted in greater
portions of a partially completed structure during construction, than if the
specified sequence had been followed. Had the specified sequence been followed
the bottom portion of unit V would not have existed when the top slab of unit IV

was being cast

.

On Thursday, April 15, 1982, units IV and V of the ramp collapsed. At the time
of the collapse, the top slab of unit IV was being cast. According to wit-
nesses, unit IV collapsed suddenly, without warning. Then there was approxi-
mately a five minute interval before unit V collapsed in what has been described
as a "domino" fashion. The failure sequence indicates that the failure
initiated within unit IV.

Since unit IV was supposed to be fully supported by the falsework system, it was
concluded that the collapse was triggered by some type of failure in the false-
work system of unit IV. Consequently, the NBS investigation was focused on
determining the cause of the collapse of unit IV, and did not attempt to

determine the exact collapse mechanism of unit V.
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Table 2.1 Dates of Major Construction Activities

UNIT
Activity I II III IV V

Set Towers 8/3/81 9/14/81 11/ 9/81 11/13/81

Cast Lower
Portion of Box 10/13/81 11/11/81 12/ 3/81 12/11/81 2/23/82

Cast Top Slab 11/25/81 2/18/82 3/22/82 4/15/82

Post-Tension 12/ 6/81 2/26-

3/1/82
3/31/82

Drop Towers* 12/19/81 3/16/82

* This means that

except for the

sand boxes were removed
towers around the piers.

from beneath the tower legs.
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Figure 2.15 View of collapse as seen from the east. (Courtesy of Post-

Tribune, Gary Indiana)
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Figure 2.16 View of collapsed unit IV as seen from the northeast. (Courtesy

of Post-Tribune, Gary Indiana)
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3. FIELD INVESTIGATION

3.1 INTRODUCTION

The purposes of the field investigation were to 1) establish as well as

possible the conditions existing at the time of the collapse, and 2) examine the
available evidence for possible clues as to the cause of the accident. For the

reasons discussed in chapter 2, the emphasis of the field investigation was on

the portion unit IV of Ramp C between piers 407 and 408.

The field investigation consisted of site visits by members of the NBS/FHWA
investigative team, examination of photographs taken by IOSHA personnel working
out of a field office at the site, and examination of various documents secured
for NBS by IOSHA. The following site visits were made:

1) April 17-18, 1982 - preliminary field measurements, photographic
documentation, prepared list of documents needed for the investigation,
developed preliminary list of materials to be taken from the site for
subsequent testing.

2) May 10-12, 1982 - photographic documentation of debris removal of units IV

and V, close examination of falsework system in the uncollapsed portion of

the ramp.

3) June 1-3, 1982 - photographic documentation of removal of unit IV debris,
additional documentation of falsework system.

4) June 7-9, 1982 - measurements of dimensions of steel beams supporting unit
IV formwork, photographic documentation of collapsed shoring towers, pre-
pared final list of materials to be shipped to NBS for testing.

Additional visits were made as necessary to verify certain aspects of the
investigation and to participate in the field load tests described in chapter 4.

The following documents were examined: structural drawings and calculations;
copies of correspondence among the contractor, the designer and ISHC; shoring
tower plans by the tower manufacturer; concrete test reports; materials
delivery tickets; project engineer's daily records; local weather records;
technical engineer's (surveyor's) notebook; and worker interview statements
recorded by IOSHA.

Because of the critical nature of the falsework system, much of the effort was
devoted to documenting the details of the falsework. Section 3.2 discusses the
various components of the falsework, beginning with the conditions of the
supporting soil and working up to the formwork. Also described are the loca-
tions of some of these components after the collapse. Figure 3.1 illustrates
the nomenclature used to identify the falsework support system between piers 407
and 408. The shoring tower locations are denoted as 407, 407.1, 407.2 and 408.
At each location there is a north tower (N) and a south (S) tower. Each tower
has four support points denoted by the letters A-II. The reader is referred back
to figure 2.8 for an elevation view of the shoring tower layout.
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Section 3.3 is a summary of worker interview statements recorded by IOSHA. Two

topics are addressed in this summary: 1) eyewitness accounts of the collapse,

and 2) previous construction problems.

Section 3.4 summarizes the findings.

3.2 SITE INVESTIGATION

Based on site visits and studies of photographs and construction documents, the

conditions which existed at the time of the collapse were reconstructed as well

as possible. The details of the falsework system received most of the atten-

tion, because of its critical nature in determining the most likely cause of the

failure. In the following subsections, the falsework system is described in

detail, starting with the soil supporting the towers and ending with the form-

work for the topslab concrete. Much of the information was derived from the

structural drawings and verified during the site visits. Discrepancies between

the drawings and actual construction are noted.

3.2.1 Subsurface Investigation

Since the shoring towers rested on concrete pads which were in turn supported
by the soil, it is important to investigate the types of soils at the site,
their properties, and their load-deformation characteristics. Sheet 344 of the

structural drawings indicate an allowable soil pressure of 3.24 kips/ft^

(155 kN/m^) for the concrete pads, although no documentation was found explaining
the basis of this criterion.

No evidence was found indicating that soil borings were taken along Ramp C

prior to construction. The closest borings taken along the Cline Avenue align-
ment varied from about 150 to 600 ft (45 to 180 m) from Ramp C. The closest
boring to Ramp C, showed about 3 ft (1 m) of gray fill, 3 ft (1 m) of dense
brown gravely sand, followed by about 20 ft (6 m) of medium dense to dense
black sand. Dense gray sandy loam was found below the black sand and the

material below that was classified as stiff gray clay. The groundwater table
was located about 1 ft (0.3 m) below the ground surface. Data from two other
nearby borings indicated similar stratification of the subsoil. However, for
a boring east of Ramp C, 1-ft (0.3-m) thick layers of peat material existed at
depths of about 9 ft (3 m) and 11 ft (3.4 m)

.

Soil test borings were made along Ramp C after some of the collapse debris had
been removed, and the IOSHA provided NBS with the boring data. Soil borings
were taken at each tower location from 403.2 to 409.2 as indicated in figure
3.2. In most instances, the soil test borings were 15 ft (4.6 m) deep and
samples were taken at 2 ft (0.6 ra) intervals using a 2-in (51-mm) outside
diameter split spoon sampler. Blow counts from the Standard Penetration Test
(ASTM D 1586-67 (1974)) were obtained. Other holes were bored to a depth of
25 ft (7.6 m) or 35 ft (10.7 m) with the samples taken in the same manner.
The samples were placed in sealed jars and stored at the project site.

The jar samples from locations 407.1 through 408 were inspected and classified
by a geotechnical engineer of the NBS team during a site visit in August, 1982.
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Figure 3.3 depicts the general subsoil condition derived from the sample
examinations. It indicates that the ground is covered by a layer of fill

5 to 9 ft (1.5 to 2.7 m) in thickness. The fill is composed of dark brown and

gray cinders and slag, sometimes mixed coarse sand and having an oily smell in

places. Blow counts from the fill were scattered, and in some places refusal
was marked on the field log indicating that difficulties were encountered
during sampling. In some other holes, the blow counts were low (<10) indicat-
ing that the fill was loosely placed. Below the fill and to a depth of 20 to

25 ft (6.1 to 7.6 m) there is a layer of medium dense to dense brown fine to

coarse sand. Pockets of saturated and highly compressible black organic silt

and sandy silt, or dark brown sand with streaks of black organic material, were
found just below the fill. The organic pockets were estimated to be 1 to 2 ft

(0.3 to 0.6 m) in thickness and frequently had an oily smell. Below the sand

layer, there is a layer of medium dense to dense brown fine silty sand to fine

sand of 10 to 15-ft (3 to 4.6-m) thickness underlain by a stiff brown-gray
silty clay to the depth explored.

The subsoil condition adjacent to pier 408 is different from that just presented
due to the excavation for the pile cap. The borings indicated that around the

perimeter of the pile cap, the ground was backfilled by about 9 ft (2.7 m) of

boiler slag. Blow counts indicated that the first 4 ft (1.2 m) of the material
was medium dense to dense, probably due to the compaction by construction traf-
fic; while the material below the first 4 ft (1.2 m) showed an extremely loose
condition with blow counts varying from 0 to 5. The thickness of the boiler-
slag fill above the pile cap was estimated not to exceed 2 ft (0.6 m)

.

3.2.2 Supports for Shoring Towers

According to sheet 344 of the structural drawings, the shoring towers were to

be supported by 5 x 5 x 1 ft (1.5 x 1.5 x 0.3 m) concrete pads set directly on
the soil. The pads were to have nominal wire-mesh reinforcement. Field mea-
surements confirmed the use of pads having the specified nominal dimensions
in the region between piers 407 and 408. The structural drawings did not spe-
cify a compressive strength for the pad concrete. Based on workers’ state-
ments, it was learned that the pads were precast at the job site using concrete
remaining from placements of various structural components of the ramp. Core
samples were taken from the pads at 407.2 after removal of the collapse debris,
and strength test results are presented in chapter 4. Among the engineering
calculations, no record was found pertaining to the design of the concrete pads.

The lower screw jacks of the shoring towers did not bear directly on the
concrete pads (see figure 3-4). According to the structural drawings, the
jacks were to rest on circular, metal, sand boxes made of 16-in (41-mra) diam-
eter pipe welded to a 1/4- in (6-mm) steel plate. Field inspections revealed
that from tower locations 403.2 to 408.1 (N), the specified sand boxes were
not used. Instead, the contractor substituted wood boxes made from ordinary
2x4 lumber and an aluminum sheet-metal base. Figure 3.4(b) shows a wood sand
box from location 406-H. At some tower locations wood cribbing of nominal 12 x
12-in (305 x 305-mm) cross section was used beneath the boxes. The cribbing was
needed to achieve the correct elevation at the top of the shoring towers.
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As will be discussed in section 3.3, problems arose with the wood sand boxes

and as a result metal banding, as seen in figure 3.4(b), was added as a reme-

dial measure. Banding was reportedly used to prevent the boxes from lifting
off the cribbing and to prevent the boxes from spreading laterally during

loading. In cases where the sand boxes rested directly on the concrete pads,

the hold down was achieved by wedging two pieces of lumber between the bearing

plate and two other pieces of lumber laid across the top of the box. In the

region between piers 407 and 408, it was determined that cribbing was used only
at tower 407. 1(S), and at the other locations the sand boxes rested directly on

the concrete pads. Figure 3.5 is a view of location 407.1 as it appeared about

one month before the accident. The photo was taken by an official of the

Federal Highway Administration during an inspection of the construction in

mid-March, 1982.

During the NBS field visits, it was noted that between locations 403.2 and

406.2, there were 14 cracked concrete pads. It is not known when all these

cracks developed. The surveyor’s notebook indicates that at tower 405.2 (S),

pads C and G cracked during the top-slab placement for unit II. The project
engineer’s records indicated that a pad at pier 407 cracked during the top

slab placement of unit III. No additional records were available to document
when other pads may have cracked.

In the course of the NBS investigation it was learned that tower leg settlements
were monitored during the concrete placements. Settlement records were found

in the surveyor's notebook and marked directly on some of the tower legs.

Table 3.1 summarizes the available tower leg settlement data. The tower-leg
settlements are due to settlement of the material in the sand boxes plus settle-
ment of the soil beneath the concrete pad. Sheet 344 of the structural drawings
stated: "maximum settlement when pouring top slab: 1/8-in." The data in

table 3.1 indicate that the limit was often exceeded.

Field examination revealed that fine slag (not boiler slag) was used in most of
the boxes. However, at the west end of the ramp (supports for unit I), the

boxes contained what appeared to be ordinary river sand.

3.2.3 Shoring Towers

Figures 2.16, 2.18, and 2.19 show the appearance of the shoring towers used as
temporary supports before each unit was pre-stressed. Each support location
consisted of two shoring towers, a north (N) tower and a south (S) tower. The
towers were constructed by bolting together prefabricated frames of standard
dimensions. The prefabricated frames are 6 ft 8 in (2.03 m) wide, and there
are four standard nominal heights: 3 ft 3 in (1.02 m); 6 ft 6 in (1.98 ra); 13

ft (3.96 m) ; and 19 ft 6 in (5.94 m) . Figure 3.6 shows the manufacturer’s
dimensions of the 6-ft 6-in and 19-ft 6-in frames. The elevation view is of
the prefabricated frames, the side view shows the bolt-on tube members (refer-
red to as truss braces in this report) used to join the frames and form a
tower. The legs are made of 6-in (152-m) square tubing with a nominal wall
thickness of 0.25 in (6.4 mm). The horizontal and diagonal braces of the pre-
fabricated frames are 2 x 2 x 0.11-in (51 x 51 x 2.8-mm) squares tubes, which
are welded to the legs. The manufacturer indicates that a 50-ksi (345-MPa)
yield strength steel is used for the frames.
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The prefabricated frames are joined together by hollow tube members to form the

truss bracing configuration shown in the "side view" of figure 3.6. The ends

of the tubes are flattened and have a 13/16-in (21-mm) hole. The tubes are

attached to the frames with 3/4- in (14-mm) bolts. Two tube sizes were used:

3 in (76 mm) and 2-1/2 in (63.5 mm) in diameter and with specified wall thick-

nesses of 0.188 in (4.77 mm) and 0.095 in (2.4 mm), respectively. The struc-

tural drawings did not specify the tube diameters to be used. However, in a

letter from the design engineer to the contractor (dated March 27, 1981), it

was recommended that the 3-in tubes should be used.

To achieve the required tower height at each support location, various standard
frames were stacked on top of one another. The frames were jointed by coupler
pins as shown in figure 3.7. The coupler is made of a 1/2-in (13 mm) thick
plate to which four vertical lugs are welded, which fit into the legs of the

towers. Two 3/4-in (19-mm) high-strength steel bolts are specified for joining
the legs to the coupler.

The top of each tower leg had a U-head, as illustrated in figure 3.8, to

support the steel beams described in the next sub-section. The U-head is

designed to pivot freely up to 8° along one axis and incorporates a circular
fit between the 2-in (51-mm) top plate and the 2 x 3-in (51 x 66-mm) post.
Axial load is transmitted primarily by bearing between the top plate and the

post, rather than through the 1-in (25-mm) bolt. The post is welded to a

5/8-in (16-mm) circular plate, which is in turn welded to a threaded bar forming
the screw jack. The adjusting nut and bearing plate is similar to that used in

the lower screw jacks (figure 3.4).

3.2.4 Steel Beams

The specified details are described first, and this is followed by a discussion
of deviations noted during the investigation. The formwork was supported by

means of a framing system composed of various steel beams which were in turn
supported by the shoring towers. The details of how the steel beams were
supported at the towers varied. Figure 3.9 shows the details specified in

the structural drawings at typical tower locations XXX. 2. The wood formwork is

supported by five W36 x 194 stringers which are supported by W24 x 68 cross-
beams, resting on the U-heads at the top of the towers. Short W36 x 194 over-
lap beams are specified to fill the gap between the ends of adjacent stringers.
Note that the shoring towers are oriented so that the truss bracing members
span in the longitudinal direction of the ramp.

At the shoring towers adjacent to the construction joint, i.e., typical
locations XXX. 1, the details are as shown in figure 3.10. In this case the
crossbeams are supported by short W24 x 68 beams resting on the U-heads. Note
that the orientation of the U-heads differs from that at tower locations XXX. 2.

At tower locations XXX. 1, the U-heads can rotate to accommodate the longitudinal
slope of the roadway; while at XXX. 2, the U-heads can rotate to accommodate the
super-elevation (transverse slope) of the roadway. Wedges were specified to

accommodate the slope perpendicular to the pivot direction of the U-heads.
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At the piers there was yet another configuration as shown in figures 3.11a and
3.11b. The details are similar to those at XXX. 2, except that two special

overlap beams are used around the pier cap (see figure 3.11b). These beams
are intended to provide longitudinal stability to the entire falsework system.
Field observations showed that the special overlap beams were not built as

specified. As illustrated in figure 2.17, which shows an overlap beam in the

foreground, only one set of triangular plates rather than the specified box
section was welded to the overlap beam. As constructed, these special overlap
beams would not be able to provide the same degree of longitudinal stability
as the specified beams. The 9-ft (2.74 m) spacing between the north and

south towers at the piers is what was measured in the uncollapsed portion of

Ramp C, while the plans specified a spacing of 8 ft 6 in (2.59 m)

.

Additional deviations were noted between the falsework details shown in the

previous figures and the actual construction method. There was no evidence of

the use of 1-in (25-ram) bolts for tying stringers to crossbeams, and there was

no evidence that wedges were used to accommodate the longitudinal and transverse
slopes of the roadway. Among the documents made available to NBS, there are no

indications that these modifications were approved by the ISHC.

Sheet 346 of the structural drawings indicates that whenever the shoring towers
exceeded a height of 30 ft (9.14 ra) , the external guying system shown in figure
3.12a was to be used to provide lontitudinal and transverse stability. However,
an alternate construction scheme was approved by the ISHC. The alternate
approach provides transverse stability by using the X-shaped guy system illu-
strated in figure 3.12b. The guy wires are designed to resist a lateral load

equal to 10 percent of the vertical load occurring during the placement of the

bottom portion of the box girder. The required guy wire capacity varies with
shoring tower heights, as shown in figure 3.12. Longitudinal stability was to

be achieved by the special overlap beams wedged to the piers and the bolted
connections indicated in figures 3.9 - 3.11.

The guy wires provided for transverse stability were 5/8-in (16-mm) diameter
steel cables. The towers were tied horizontally at the bottom with 2 x 2 x
1/4-in (51 x 51 x 6-mm) steel angles, but no horizontal tie was provided at the
top. According to worker's statements, the guy wires were tensioned with a

"come-along" and tied-off at each end with a cable clamp.

In place of the bolted connections between beams, the detail illustrated in
figure 3.13 was adopted. No records were found indicating approval of this
connection method. It is felt that the omission of the 1-in (25-mm) bolts
reduced the stability of the falsework system, compared to the case if the
bolts had been used. The consequences of this omission are discussed in
chapter 6.

As explained, the U-heads are designed to rotate in one direction only. Because
the roadway slopes in both the longitudinal and transverse directions, wedges
were called for as shown in figures 3.9 - 3.11. The absence of wedges means
that the top of the towers were subjected to eccentric loading. The conse-
quences of the eccentric load is discussed in chapter 4.
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The dimensions of stringers and crossbeams in spans 7.1, 7.2, and 8.0 were

measured during the field visits. Figure 3.14 shows the nomenclature adopted

for identifying the various elements. Table 3.2 lists the dimensions of these

members. A steel tape was used to measure the beam cross sections and hence

the dimensions in table 3.2 are approximations of the actual values. Also

given in the table are the standard dimensions of W24 x 68 and W36 x 194 shapes
It is concluded that the crossbeams employed are as specified, i.e., W 24 x 68,

and the stringers in spans 7.1 and 8.0 are the W36 x 194 shapes specified. How

ever, the stringers in span 7.2 are heavier than specified; stringer S5 appears

to be a W36 x 230, and the others could be W36 x 260 or W36 x 280. Because of

the longer length of the heavy beams in span 7.2, overlap beams were not used

at tower location 407.1.

3.2.5 Formwork for Top Slab

As indicated in figure 3.9, nominal 4 x 6-in (100 x 150 mm) joists were laid
across the stringers and 3/4-in (19-mm) plywood was placed on top of the joists
This provided the support for the box-girder formwork. As has been mentioned,
the box girder was cast in two sections: 1) the bottom slab and side walls
(webs); and 2) the top slab. The formwork for the bottom section was stripped
before building the formwork for the top slab. In this section, the top-slab
formwork is described since this was in place on unit IV at the time of the

collapse

.

Figure 3.15 shows the formwork details incorporated in the structural drawings
and figure 3.16 shows some of the top-slab formwork remaining on unit III. No

measurements were made to verify the specified dimensions. Figure 3.16 shows
that frame scaffolding was used in place of single-post shores for the exterior
supports. Note that the exterior shores are directly above the exterior
stringers, and this affects the loading scheme for the structural analysis
described in chapter 5.

3.2.6 Location of Falsework Components After the Collapse

Following the collapse, the contractor was requested to carefully remove the
collapse debris so as not to disturb the location of the falsework system com-
ponents. The concrete and formwork of unit V was removed first to expose the
beams and towers. A detailed analysis of these components was not performed
since it is known that the triggering mechanism for the collapse was not in
this portion of the ramp. Removal of unit IV proved difficult because the

hanging portion had to be lowered without harming unit III. In order to lower
this portion, a slag berm was built up beneath it. The berm supported the
hanging portion as the post-tensioning tendons were cut off. The slag was then
removed and the remainder of the unit-IV concrete was removed. It was then
possible to document the location of major falsework components between 407.1
and pier 408.

Figure 3.17 shows the locations of stringers and crossbeams between piers 407
and 408. The drawing was reconstructed from photographic evidence and hence
the locations shown are approximate. Of special significance is the location
of crossbeam CU 7.2. During the collapse it was hurled from 407.2 towards
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pier 408, and the north side travelled about 60 ft (18 m) eastward before
hitting the ground. Also note that CD 8.0 landed on top of CU 7.2.

The location of the stringers offers a clue of a possible collapse sequence.
The stringers between 407.2 and pier 408 (span 8.0) translated eastward, while
those between 407.2 and 407.1 (span 7.2) translated westward. The stringers
between 407.1 and pier 407 (span 7.1) also translated westward. This suggests

that the stringers of spans 7.2 and 8.0 first lost support at 407.2. After the

ends at 407.2 had dropped down, support was lost at pier 408 for span 8.0 and

at 407.1 for span 7.2. This would explain the opposite translation of the

stringers in the two spans. This sequence also suggests that the stringers of

span 7.1 were the last to fall. Thus, it appears that collapse of the false-
work initiated at 407.2. As will be discussed, this sequence is corroborated
by an eyewitness to the collapse, and it also agrees with the proposed collapse
sequence of unit IV presented in figure 2.20. For this reason, the remaining
description of the debris will concentrate on the shoring towers at 407.2.

Figure 3.18 is an overview of location 407.2 after all the concrete debris had
been removed; north is at the top of the photograph. From the photographs shown
in figure 2.10 and 2.11 it had been determined that the shoring towers at 407.2

were each composed of two 19-ft 6-in (5.94-m) frames and a 6-ft 6-in (1.98-m)
frame. Examination of the collapse debris confirmed this configuration. In

figure 3.18, the bottom legs of the towers at 407.2 have been identified. It

is seen that the tops of the lowermost frames of each tower fell toward the

west. The top portions of the middle 19-ft 6-in (5.94-m) frames are also iden-
tified in figure 3.18. For example, the symbol "AMT" identifies the top of the

A-leg of the middle frame. It is seen that the tops of the middle frames fell
toward the east. Finally, figure 3.19 indicates the locations of the tops of

the uppermost 6-ft 6-in (1.98-m) frames of each tower.

Based on the above evidence, it is concluded that the towers at 407.2 collapsed
in a "jackknife" mode, that is, the towers folded at the coupler pin joining
the 19-ft 6-in (5.94-m) frames. The locations of the top 6-ft 6-in (1.98-m)
frames is consistent with the location of crossbeam CU 7.2. It appears that

the top frame of the north tower separated from the rest of the tower and

travelled eastward along with the crossbeam. The top frame of the south tower
may not have separated until after impact with the ground.

Based on photographic evidence, such as figure 2.16, it was determined that the
towers at pier 408 collapsed toward the east, and they were removed very soon
after the accident to make way for emergency vehicles. That is why these
towers are not seen in figure 3.19. The south tower at 407.1 (figure 3.20)
also collapsed in a "jackknife" mode, except that the folding occurred such
that the coupler joints moved toward the east. The north tower at 407.1 fell
toward the west and apparently did not "jackknife" as no portions of the tower
were found beneath unit IV. This tower was removed prior to placing the slag
berm and it was not possible to document accurately its collapsed orientation.

Examination of the lower screw jacks in the field Indicated no evidence of their
failure

.
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The location of the U-heads belonging to the towers at 407.2 were also
documented. All of the heads were found to have separated from the top screw
jacks at either the weld between the threaded bar and the round plate or between
the rectangular post and the round plate (refer to figure 3.8). Seven heads
and four screw jacks were found beneath the debris. An additional head and its

mating screw jack were found in a pile to the south of the collapse zone. The

head was marked with the numbers "7.2", and it had apparently been moved during
the clean-up. Thus, all eight heads and five screw jacks belonging to 407.2

were located, and were shipped to NBS for study.

An attempt was made to determine to which tower leg each of the heads and top
screw jacks belonged. To do this, the data in table 3.3 were used. The concrete
pad elevations and top-of-plywood elevations were obtained from the surveyor's
notebook. The lower screw jack extensions were measured at the site. In addi-

tion, the exposed lengths of threads of the five upper screw jacks were mea-
sured, and these lengths are shown in table 3.4. The identifying marks were
put on these screw jacks by other investigators at the site.

The following procedure was used to locate the likely original positions of the

top screw jacks.

1) Using the pad elevations and lower screw jack extensions, the relative
elevations of the top of the towers were determined. It was assumed that

the sand boxes contained the same thickness of slag, and that in a given
frame the inner leg was at the same elevation as the outer leg. For exam-
ple, leg B was assumed to be at the same elevation as leg A, and leg C the

same as D, etc.

2) Using the top-of-plywood elevations given in table 3.3, the plywood
elevations at the other leg positions were calculated by linear
interpolation.

3) Using the relative top-of-tower elevations from (1) and the plywood
elevations from (2), the required relative extensions of the upper screw
jacks were determined.

4) The required relative extensions in (3) were compared with the measured
lengths shown in table 3.4, from which the possible original locations of
the screw jacks were determined.

5) In those cases where a screw jack had two possible locations, a comparison
was made between the observed positions of the tops of the towers (figure
3.17) and those of the jacks. From this comparison the most likely
location was chosen as indicated in the last column of table 3.4.

Figure 3.21 shows the positions of the four top screw jacks found in the debris,
and the letters indicate to which tower leg each one belonged.

The fracture surfaces where the screw jacks separated from the heads were
examined, from which it was possible to determine which head belonged with each
screw jack. Figure 3.22 shows the locations of the heads along with the corre-
sponding letter indicating the tower legs to which they belonged. Since the
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screw jacks at positions A, G, and H were not recover'd, determination of which
head belong to each postion was based on the locations of the heads within the

debris. Note that the U-heads which supported cross-beam CD 7.2 are located

near the concrete pads, while the U-heads which supported crossbeam CU 7.2 are

located eastward of 407.2.

From a study of the photographic evidence shown in figures 3.18-3.22, a

possible collapse sequence of the falsework at 407.2 was reconstructed, and is

illustrated in figure 3.23. This is not necessarily the failure sequence that

actually occurred, but it conforms with the location and orientation of the

various falsework components as they existed after the overlying debris was

removed. All the concrete pads at 407.2 except D were cracked and in some

cases it was evident that much of the cracking was a result of impact by fall-

ing objects during the collapse. However, as illustrated in figure 3.24, some

pads did not appear to have received heavy impact, because the tower frames

and tube bracing lying on top of them were not severely crushed. It is very

likely that the cracking of pads F and G was not a result of impact during the

collapse. Figure 3.25 is a close-up view of the diagonal crack pattern for pad

407. 2-G.

3.3 INTERVIEW STATEMENTS

In conjunction with other aspects of the field investigtion, officers of the

Indiana Occupational Safety and Health Administration conducted interviews
with workers and others who were involved either with the actual construction
of the ramp or were in the vicinity of the collapse when it occurred. The

statements obtained in the interviews provided valuable information which
served as source documents in reconstructing the events prior to the collapse
as well as the actual observed sequence of the collapse. This section summa-
rizes the contents of the interviews which contained information considered
relevant to the development of the collapse mechanism. It includes coverage of

previous falsework construction problems and the description of the failure as

observed at the site by eyewitnesses. In the following sections, the letter/
number combinations in parentheses refer to the designations assigned to the
interview statements.

3.3.1 Previous Construction Problems

The questions directed to this portion of the interviews were made to determine
the falsework construction practices not only In the collapsed sections but on
the ramp project as a whole. As previously pointed out the superstructure is

entirely dependent on the falsework for support until such time as the concrete
is prestressed, so the temporary support system must be adequate to sustain all
dead and construction live loads prior to the post-tensioning of the tendons.

One important element to the stability of the falsework is the ground on which
the precast concrete pads rest. Of the workers interviewed who were involved
in preparation of the ground prior to placing the concrete pads, all (S3, S10,
S13, S16, S19, S21, S22, S24, S25, S26, H3) reported various methods of prepara-
tion ranging from none (pads placed directly on ground) to levelling with a

front-end-loader. Some compaction with rollers or small tampers was reported
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(S13, S19, S22, S24) and two workers (S25, S26) stated that the section of

ground in the vicinity of piers 407 and 408 would flood after a heavy rain.

While one worker (S25) reported that most of the falsework was erected prior
to November, 1981 and there was no frost in the ground in the area of the col-
lapse, another (H3) stated there may have been some frost in the ground and

one (S13) stated that fill material had been placed on frozen ground in the

curved portion of the ramp.

Several workers interviewed (SI, S4, S6, S10, S16, S22) reported concrete pads
supporting the shoring towers in the ramp falsework cracked as a result of the

superstructure concrete being placed. Prior to the collapse of the ramp, one
worker (S10) was informed that one of the concrete pads had cracked from the

weight of the cast concrete deck in one section and the workers had felt the

structure move. Another (S4) reported that he was told on one occasion, a pad
had cracked and the deck dropped 1-1/2 in (38 mm) on one side and raised 1-1/2

in on the other. The casting of the precast pads was reported (S13) to be made
of concrete left over from concrete cast at the ramp site. Reinforcing mesh
(S13, S19) was placed in the pads during their casting.

Wood sand boxes were used under the screw jacks at the base of the shoring
tower legs initially, but these were reported (S10, S13, S16, S21, S22, S24) to

pull apart at the corners when concrete was cast in the superstructure. After
the problems with the wood boxes on the second or third superstructure concrete
placements (S24), steel straps were nailed around the wood boxes to band them
together (S10, S13, S22, S24). Wood cribbing between the banded wood sand
boxes and the concrete pad was increased from 30-in (760-mm) to 36-in (910-mm)
long to prevent the concrete pads from cracking (S22). One worker (S13) said
that a switch from wood boxes to steel boxes was made somewhere in the area of

the collapse while another (S10) stated that the change was made from pier 408

eastward. Two employees (S10, S16) stated they were aware that the wood boxes
were not what was called for on the plans.

The shoring towers were set and erected by carpenters (S6, S17, M5) and any
bent or damaged pieces were not used (S3, S13). The towers were guyed trans-
versely on both sides with cables (S3, S8, S12, S13, S17) from the top outside
leg of one tower to the bottom outside leg of the adjacent tower to form an X-

shaped guy system. The guy cables were pulled up with a cable puller and
clamped at the ends (S3, S13). These were the only guy cables used on the
falsework (S12, S13). One worker (S12) stated that in some places the two
towers were tied together with a piece of steel angle welded between them at
the bottom in addition to the guy cables, while another (S13) stated that the
towers were not tied in this manner while he was on the job. At the time of
the interviews, one worker (S3) stated that the section that he was presently
working on had cross bracing welded to the two towers but did not know if this
was done on the sections that collapsed.

The steel comprising the falsework directly under the bottom of the concrete
box girder and supported by the shoring towers consisted of new and used beams
(S13). Several of the workers interviewed (S8, S13, S16, M3) stated that the
longitudinal stringers spanning between the towers were not bolted directly to

the crossbeams but were clamped together. The clamp consisted of a metal clip
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made from the flange of an old beam and 3/4-in (19-mm) coil rod with a nut

welded on the end of it (see figure 3.13). A 12-in (300-mm) crescent wrench

was used to tighten the clip (S13). One worker (S8) said that only 2 of the 5

longitudinal stringers were clamped in this manner while another (M3) knew of

no 1-in (25-mm) bolts used to tie the longitudinal stringers and crossbeams.

In contrast, it was reported (S17) that the stringers and crossbeams were
bolted together with two 1-in (25-mm) bolts or larger at each intersection of

the beams in the section that collapsed. On top of the longitudinal stringers,
nominal 4 x 6-in (100 x 150 ram) joists were layed and plywood was placed on top

of the joists with approximately 6 to 8 nails for each 4 x 8-ft (1.2 x 2.4-m)

sheet of plywood (S16, S23).

Approximately two to three weeks before the collapse, the construction site was

hit by two heavy wind storms resulting in plywood deck-form panels being blown
off the falsework of unit V (S4, S6, Sll, S12, S21, M4, M5) and trailers being
overturned (S21).

3.3.2 Description of the Failure

The description of the actual failure of Ramp C contained herein recounts the

event and sequence of the collapse as determined from eyewitness statements.

By all accounts of those people interviewed who were involved with the deck
casting operation that day and were in the immediate vicinity of the initial
collapse ( S9, S12, S14, S15, S16, S17, S22, S24, S27, XI, X2, X3, H2, H4, H6,

M2, M9, M10)
,
nothing appeared unusual and the placement of the deck slab was

proceeding smoothly.

One witness (S24) who was on the way down the stair scaffolding, on the south
side of the structure and west of 407.2, was approximately 35 to 40 ft (11 to

12 m) from the ground, facing east and looking to the left, i.e., looking in

the direction of the span between towers 407.1 and 407.2. The first indication
this witness had of the start of the collapse was a loud pop and he saw the

longitudinal stringers on the north side of the ramp going down first, followed
by a progression of longitudinal stringers collapsing from north to south.
Eventually (S24), a collapsing beam struck the stair scaffolding causing it to

topple to the north and land on the already fallen ramp debris. At this time,
S24 and two other men who had ridden the stair scaffolding down were able to

move away from the collapsed structure. It was reported (S24) that at this
time the shoring towers east of pier 408 were bent in the middle and the con-
crete section on top of them "teetered" before that section of the ramp started
collapsing approximately 5 minutes later. (Note: the time to the start of the
collapse of the other portions of the ramp was reported as being anywhere from
3 to as long as 15 minutes, but the majority of witnesses reported an
approximate average time of 5 minutes.)

Prior to the initial collapse, another worker (S15) awaiting a concrete bucket
being lowered and standing next to the south side of the ramp midway between
towers 407.1 and 407.2 heard a crack, followed by a low bass sound. This worker
further stated that the structure began coming down between tower 407.2 and
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pier 408. On the other hand, a witness (M2) standing 10 ft (3 ra) from the base
of the stair scaffolding stated that the break occurred where the stairs were

located, i.e., slightly west of tower 407.2.

A witness (H6) who came down with the initial collapse was standing on the

deck-steel rebar-mats 10 ft (3 m) east of pier 408 and was facing west, toward

the span of the initial collapse. The point of collapse, according to this

account, occurred approximately 30 ft (9 m) west of pier 408, and concrete had

been placed approximately half way up in the diaphragm of the box section over
pier 408 but no concrete was being placed at this time. The sound of the

collapse was described as "bars rolling on bars and a loud roar like thunder."
While it was estimated (H6) that the concrete deck had been placed to within
30 ft (9 ra) from pier 408, another witness (S16) standing on top of the stair

scaffolding at the time of the initial collapse estimated the deck placement
to be about 20 ft (6 m) from pier 408.

One worker (H2), who was under the ramp between piers 408 and 409 and stationed
next to pier 408 when the collapse started, stated the first indication of the

collapse was the sound of boards breaking and then he observed the peeling away
of the boards from north to south. Other workers atop the first collapsed sec-
tion of the ramp who went down with it stated that it was over as fast as it

started (M9). Prior to the collapse, a worker (M10) standing on the rebar-mats
ahead of the finishing machine heard no unusual sounds or felt any unusual
vibrations except for wood cracking "split seconds" before the collapse. A
worker ( S 9 ) located inside the box section of the superstructure in the vicin-
ity of pier 408 reported the first sound heard resembled the hitting of a heavy
metal beam with a sledge hammer, but prior to that no unusual sounds were heard
or movement of the structure felt. This employee ( S 9 ) and another worker had
made a check of the falsework and structure the day before the collapse and
found nothing out of order.

From reports by witnesses on top of the other sections of the ramp that would
eventually fall, a worker (Sll) on top of pier 409 felt the bridge move, then
saw the first section collapse and start to fall. Another employee (Ml) on the

easternmost part of the ramp (approximately 300 ft (90 m) from pier 408) felt
the ramp move east and then west, heard the sound of the collapsing structure
(bumping noise of railroad cars), then turned and saw the section between piers
407 and 408 go down. Prior to that, no unusual movements or vibrations of the

deck had been felt, nor had any unusual noises been heard.

Generally, all witnesses reported that the second and third sections to
collapse did so in a domino-like fashion, beginning with shoring tower 408.1
and proceeding eastward until the whole ramp east of piers 408 and 409 was on
the ground. In the section between piers 408 and 409, the west end of the ramp
at the shoring tower would fall first followed by the east end of the same
piece which was resting on the next tower, and so on (W30). East of pier 409,
tower 409.1 was reported to have folded up (W30) in the progressing collapse.
One witness (W18) standing approximately 1,100 ft (335 m) from the first sec-
tion to collapse estimated that it took about 30 seconds for the remaining
sections to come down completely.
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The position of the concrete buckets at the time of the initial collapse is

somewhat obscure since there were conflicting accounts. The bucket on the

south side of the ramp was reported to be going down (S15) while another (S14)

said it was going up. From statements made by people on the deck of the first

section to collapse, one (H6) said there were no buckets above the deck at the

time of the collapse, while another (M9) said there was a bucket suspended just

above the deck and was swinging in at the time the ramp broke. None of the

witnesses in the area of the initial collapse knew of anything that had bumped

or struck the falsework prior to the collapse (S14, S15, S17, S27, H4), and,

as recounted previously, no one on the deck had felt any unusual vibrations or

heard unusual noises before the collapse.

The general shape of the initial collapse was usually described as being a V-
shape (an observance of the appearance of the initial vertical collapse of the

span west of pier 408) and the point of the initial break reported by those who
saw the collapse from a distance ranged from midpoint to three-fourths of the

span length from pier 407.

3 . 4 SUMMARY

Based on observations made during field visits and the examination of documents
secured by the IOSHA, a picture has emerged of the conditions as they may have

existed prior to the collapse. The analysis of the soil samples indicated that
the subsurface soils are stratified, but there are no marked differences between
the soils which supported the towers at 407.1 and 407.2. The towers at pier

408, on the other hand, were founded on boiler slag having generally loose

compaction.

The geometry of the falsework system in place between piers 407 and 408 is

known, and table 3.5 summarizes the shoring tower configurations at locations
407.1, 407.2 and pier 408.

Comparison of field conditions with the structural drawings revealed deviations
between what was specified and what was used in construction. For example,
wood sand boxes were used in place of specified steel boxes; specified bolted
connections between stringers and crossbeams were replaced with frictional
clamps; the special overlap beams at the piers were not fabricated as specified;
and specified wedges between crossbeams and stringers were omitted. In addi-
tion, a change was made in the guying system for the shoring towers. While the
alternate X-shaped guying system was approved by the ISHC, it did not provide
the same degree of stability to the towers as would have been provided had the
external guying system been used which was indicated on sheet 346 of the struc-
tural drawings. The impact of these deviations on the performance of the
structure will be discussed in subsequent chapters.

A review of the interview statements revealed that significant problems had
been encountered during construction. Notable among these are the cracking of
concrete pads and problems with the wood sand boxes.

A careful examination of the collapse debris was carried out in order to
develop a tentative description of the collapse sequence. The location of the
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collapsed falsework components appears to indicate that the failure initiated
at tower location 407.2. The testimony of eyewitnesses generally tends to con-
firm this conclusion. The testimony also indicates that the collapse of unit
IV occurred suddenly without any apparent warning, and that it appeared to

originate on the north side of the ramp.

While the field investigation yielded much information on the conditions prior
to the collapse, the triggering mechanism was not identified. Thus, the experi-
mental and analytical investigations described in the next chapters were
required to determine why the accident occurred.
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Table 3.2 Dimensions of Stringers and Cross-Beams Between
Piers 407 and 408

Span Member Length Height
Flange
Width

Flange
Thickness

Web

Thickness

7.1 CU 7.0 40’ -0" 23-3/4" 9” 5/8" 7/16"

CD 7.1 39’ -2" 23-1/2" 9" 5/8" 7/16"

SI 55’ -3" 36-11/16" 12" 1 3/8" 7/8"

S2 5 5' -4" 36-11/16" 12" 1 3/8" 13/16"

S3 — 36-1/2” 12" 1 1/4" 3/4"

S4 55 ’-3" 36-3/4" 12" 1 1/4" 3/4"

S5 — 36-1/2" 12" 1 1/4" 3/4"

7.2 CU 7.1 39 ' -2" 24" 9" 5/8" 7/16"

CD 7.2 — 23-3/4" 9" 5/8" 7/16"

SI 60' -1" 36-1/2" 16 1/2" 1 1/2" 15/16"

S2 60' 36-1/2" 16 1/2" 1 1/2" 15/16"

S3 60' 36-1/2" 16 1/2" 1 1/2" 15/16"

S4 60' 36 1/2" 16 1/2" 1 1/2" 7/8"

S5 60' 35 3/4" 16 1/2" 1 1/4" 3/4"

8.0 CU 7.2 — 23 3/4" 9" 5/8" 7/16"

CD 8.0 — 23 3/4" 9" 5/8" 7/16"

SI 55 ' -2" 36 3/4" 12" 1 1/4" 3/4"

S2 55 ' -2" 36 1/2" 12" 1 1/4" 3/4"

S3 — 36 1/2" 12" 1 1/4" 3/4"

S4 55 '

2"
36 1/2" 12" 1 1/4" 3/4"

S5 55*2" 36 1/2" 12" 1 1/4" 3/4"

STANDARD BEAMS:

W 24 x 68 23 3/4" 9" 9/16" 7/16"

W 36 x 194 36 1/2" 12 1/8" 1 1/4" 13/16"

1 in = 25.4 mm
1 ft = 0.305 m
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Table 3.3 Data Used to Determine Probable Positions

of Upper Screw Jacks

Leg

Postion

Concrete
Pad

Elevation

Top of

Plywood
Elevation

Lower

Screw Jack
Extension

A 589.76' 644.23' 18-7/8"

D 589.67' 643.88' 17-1/4"

E 589.67' 644.61' 20-1/4"

H 589.59’ 644.20' 16-7/8"

1 in =

1 in 3
25.4 mm
0.305 m

Table 3.4 Exposed Thread Lengths and Probable Positions of Upper
Screw Jacks at 407.2

Identifying Thread Possible Probable
Mark Length Position Position

JT 33 3 1/2" B, D D

JT 34 4 5/8" A, C C

JT 37 3 1/2" B, D B

JT 38 9 1/2" E, G E

JT 39 7 1/2" F F

1 in = 25.4 mm



Table 3.5 Summary of Shoring Tower Configurations

Sharing
Tower Cribbing

Sand
Box Frame Heights Used

407.1 (N) No Wood 2@ + 10 3 f -3”

407.1 (S) 2 Layers Wood 20 19’-6"

407.2 (N) No Wood 20 ±9'-6" + 10 6'-6"

407.2 (S) No Wood 20 IV'-b” + 10 6'-6"

408 (N) No Wood 20 19 '-6 " + 10 6 ’-6" + 10 3 '-3"

408 (S) No Wood 20 lg'-b" + 10 6'-6" + 10 3 '-3"

1 in = 25.4 mm
1 ft = 0.305 m
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Borings at all locations

Borings at all locations 407 through 409+118

-<j)- Borings at all locations 407 through 408

(boring 11 not taken at Pier 408)

Figure 3.2 Position of soil borings at each tower location
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DEPTH (ft)

0 -

Existing ground surface DESCRIPTION

Fill • sand, slag, cinders

with oily smell in places

Pockets of organic silt

and sandy silt on top of sand

Brown fine to coarse sand

with organic pockets and

streaks in places, frequent

oily smells

20-25 Brown fine silty sand to

fine sand

Brown gray

silty clay

Figure 3.3 Typical soil profile between tower locations 407.1 and 408

(except adjacent to pier 408)
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Figure 3.6 Dimensions of two of the standard-size frames used to

construct the shoring towers
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6”x6” Frame leg

Figure 3.7 Coupler pin used to join together tower sections
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Figure 3.9 Details of the falsework system at shoring tower location XXX.

2
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Figure 3.10 Details of falsework system at shoring tower location XXX.

1

adjacent to construction joints
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Figure 3.11a Details of falsework system at the shoring towers
adjacent to the piers
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Figure 3.11b Details of falsework system at the shoring towers adjacent to

the piers
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Figure 3.13 Connection detail employed in place of specified bolted
connection
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Figure 3.23 Possible collapse sequence of falsework at 407.2
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4. EXPERIMENTAL INVESTIGATION

4.1 INTRODUCTION

This chapter discusses the various laboratory and field tests conducted by NBS
to establish the strength and deformation characteristics of key components of

the falsework system. Such information is required in order to establish
whether or not any of the components are possible candidates for the point of

initial failure which triggered the collapse of unit IV. In addition, certain
information is needed for the structural analysis to be discussed in chapter 5.

The materials tested were obtained from the construction site. However, because
the falsework components for Unit IV were severely damaged during the collapse,
tests were performed on materials similar to, but not necessarily identical to,

those used in the falsework structure.

Section 4.2 reports the results of load tests on wood sand boxes in which
different filler materials were used. Measurements were made to determine the
extent of uplift and lateral spreading as the compressive load increased on a

screw jack pad bearing on the filler in the box.

Section 4.3 discusses the results of tension tests on the screw jacks of unused
U-heads obtained from the construction stockpile. After testing, the portion
of each screw jack containing the welded joints was sectioned and subjected to

metallographic examination. The purpose of the examination was to establish,
in qualitative terms, the quality of the welds. The welded joints from four
of the screw jacks recovered from the towers at 407.2 were also sectioned and

examined. A comparison is made between the quality of the welds in the tested
specimen and those recovered from the collapse debris.

Section 4.4 summarizes the results of tests on a falsework assembly that
resembles, but does not duplicate, the configuration at the top of the towers
at 407.2. These tests were designed to evaluate the behavior of the crossbeam-
U-head assembly at the top of the towers when wedges were not inserted between
the crossbeams and the inclined stringers.

Section 4.5 presents the results of compression and tension tests on tube

members similar to the diagonal braces used in the towers at 407.2.

Section 4.6 reports the results of three full-scale load tests of concrete pads
which were carried out at the construction site. The tests were performed in a

cooperative effort among four groups of investigators of the collapse; NBS par-

ticipated in the cooperative program. These tests were designed to obtain data

on the settlement characteristics of the soil supporting the concrete pads, in

addition, the tests furnished data on the breaking strength of the concrete
pads.

Finally, section 4.7 summarizes the significant findings of the experimental
investigations. Some of the test results are used as input data to the struc-
tural analysis discussed in chapter 5, and in chapter 6 some of the data are

compared to the results of the structural analysis.
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4.2 SAND BOX TESTS

As discussed in the previous chapter, there were indications that sand boxes
caused some problems in the early stages of construction. For this reason,
tests were conducted to evaluate the performance of wood sand boxes. Specifi-
cally it was desired to have information on the load versus deformation
relations and on the failure mechanisms.

Nine sand boxes were recovered from the site and shipped to NBS for testing.
Some boxes had damaged or missing metal base plates. These boxes were repaired
with aluminum sheet metal similar to that of the intact boxes. NBS obtained a

sample of slag similar to that used to fill the boxes during construction.
In addition, NBS obtained a sample of the boiler slag, known as "black beauty,"
which was used as a levelling course beneath the concrete pads and as a fill
around the piers.

The tests were performed using a bottom screw jack obtained from the site.
Figure 4.1 shows an overall view of the test setup. The screw jack is attached
to a short piece of the square tube of a shoring tower leg fastened to a univer-
sal testing machine. A sand box was placed on a concrete pedestal and the screw
jack was pushed into the box. A dial gage was used to measure the downward dis-
placement of the crosshead of the testing machine, by which the load displace-
ment relationships were obtained. In addition to measuring the vertical
displacement, dial gages were also used to measure the upward lift of the

corners of each box tested. Figure 4.2 is a closeup view to illustrate the

dial gage arrangement. In some tests, two other gages were used to measure
the lateral spreading of the boxes.

The following variables were considered: 1) type of filler; 2) degree of

compaction prior to testing; and 3) the moisture content of the filler. The
compaction procedure involved filling a box in three layers and hand-tamping
each layer with a wood block. No attempt was made to carefully control the
degree of compaction. The tests were performed without the wedging system
employed during construction. A total of 10 sand boxes were tested, ^ and the

conditions of each test are summarized in table 4.1. In some tests the load
was sustained at a constant level in order to gain information on the effects
of time on the deformation.

The results of the tests are summarized in terms of load-deformation curves.
First, the tests using slag filler will be discussed. Figure 4.3 shows the
relations between load and displacement of the testing machine crosshead.
The data were plotted so that a load of 2 kips (8.9 kN) corresponded to zero
displacement. The times shown on the figures indicate the extents of the con-
stant load periods. The four tests using the slag filler placed loosely in the

boxes had consistent behavior. When the slag was compacted during filling of

the boxes, the resulting head-displacement was about one-half of that with loose
slag. The measured average uplift of the four corners of the boxes is shown in

1 One box was built in the laboratory and is identified as
M
new" .
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figure 4.4. The sand boxes with compacted slag displayed less uplift than the
boxes with loose slag.

In all the tests , there were no cases in which an ultimate load was reached
followed by increasing deformations with decreasing loads. Prior to testing,
it was anticipated that some of the boxes would burst during loading due to the
lateral pressure exerted by the slag filler. However, the tests revealed that

the lateral pressures which developed were very small, especially when loose
slag was used. In fact, it was possible to remove the slag between the sides
of the box and the pad of the screw jack without affecting the load carrying
ability of the slag beneath the pad. This is illustrated in figure 4.5 which
shows that after the slag was removed with a vacuum cleaner, a load of 160 kips
(712 kN) could still be maintained by the pad (test 407-G). When compacted
slag was used, higher lateral pressures developed because some of the slag
between the sides of the box and the pad became densily compacted during the
test so that it was not readily removed by the vacuum cleaner. This behavior
is illustrated in figure 4.6, which resulted when moist, precompacted slag
was used (test 9.0).

Tests were also carried out with boiler-slag filler and with ordinary,
concrete-sand filler. The test results are summarized in figures 4.7 to 4.9.
The crosshead displacements, as shown in figure 4.7, were greater than in the
slag-filler tests. The shapes of the load-displacement curves in figure 4.7

appear to indicate a bearing failure of the sand and the dry boiler-slag. The
measured uplifts, as shown in figure 4.8, were also greater than in the slag
tests. Figure 4.9 shows the uplift of the box which occurred during one of the

tests with boiler-slag filler. However, even in these tests there were no
"failures" because the load versus crosshead displacement curves all had
positive slopes (figure 4.7).

Figure 4.10 shows the lateral spreading of the boxes which was measured in some
of the tests. Two dial gages on opposite sides of the box were used for this

measurement (see figure 4.2). The largest spreading occurred in the test with
compacted dry slag, which turned out to have the least value of uplift (figure
4.4). This inverse relation between uplift and lateral spreading is confirmed
in the behavior of the sand and boiler-slag tests, which displayed high uplift
and low spreading.

Finally, figure 4.11 shows the results of the sustained load tests. The

crosshead displacements are plotted as a function of the logarithm of time.
The behavior was similar for all tests.

Based on the results of these tests, a clearer picture emerged of the mechanism
by which load is transmitted from the screw jack base to the concrete pad.

When loose-slag, boiler-slag, or concrete-sand is used, the load is transmitted
straight down through the filler. In these cases there was significant uplift
of the boxes and very little lateral spreading. With compacted slag, the load

travelled downward and also laterally through the slag. This resulted in less
uplift but more lateral spreading of the boxes.
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The test results indicate that significant lateral pressures do not develop as
the leg load increases. Apparently, the sand boxes experienced large uplift
during construction as in the tests with concrete-sand filler, and this may
have caused the contractor to take measures to prevent uplift. The lateral
banding was probably just a precautionary measure. As has been mentioned, slag
was used in the boxes except for unit I where a sand similar to the concrete
sand was used.

Another significant finding of these tests is the variation in the magnitude
of the settlement of the filler material. For the slag filler, the settlement
was reduced by compacting the slag in the boxes before testing. The magnitude
of the settlement at 80 kips (356 kN) with compacted slag was about 0.5 in

(13 mm). The compacted concrete-sand and boiler-slag tests resulted in greater
settlements than the compacted-slag tests by about 0.5 in (13 mm).

4.3 EXAMINATION AND TESTS OF UPPER SCREW JACKS

As discussed in subsection 3.2.6, all the U-heads of the towers at 407.2
separated at the welds of the screw jack (refer to figure 3.6). Visual exami-
nation of the failure surfaces at the site indicated that some of the welds
might be of poor quality. Thus, some of the failed welds were subjected to

metallographic examination. In addition, unused U-heads were obtained from the

contractor's supply yard and subjected to strength testing as well as raetallo-

graphic examination.

The approach chosen for measuring the strength of the unused screw jack welds
was to perform uniaxial tension tests. The top-plate was removed from the
screwjacks and a testing jig was built to enable tensile testing. Figure 4.12

shows the testing arrangement. A dial gage was attached to the threaded bar to

measure deformation over a 10-in (254 mm) gage length. Three specimens were
tested, and the results are given in figure 4.13, in which load is plotted
against nominal strain (dial gage reading divided by the gage length).

Specimens //3 and //5 could not be tested to their ultimate capacity, because the

1-in (25-mm) diameter bolts failed in shear at loads of 140 and 145 kips (623
and 645 kN) , respectively. Specimen //9 failed at an ultimate load of 97 kips
(432 kN). The low strength of specimen #9 is attributed to a large defect in

the weld between the "post" and the circular plate: about 1/2-in (12-mm) of

weld was missing.

After testing, the welded portions of the screw jacks were cut and prepared for
subsequent metallographic examination. Figure 4.14 shows the portions of the

screw jacks prior to sectioning. Note that specimens #3 and #5 were sectioned
along a diagonal of the post. After sectioning and polishing, the specimens
were immersed in an etching solution to bring out differences in the micro-
structural features of the metal. Figures 4.15, 4.16, and 4.17 show the
appearance of the specimens under no magnification. The features to note in

these photographs is the weld size and the appearance of the heat-affected-zone
(dark area) in the base metal. The lack of a heat-affected-zone can be inter-
preted as a poor quality weld in which little or no fusion occurred between the
weld metal and the base metal.
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Figure 4.15 Is the appearance of the diagonally-cut cross section of specimen
$3 • The weld between the threaded bar and the circular plate appears to be of

good quality* On the other hand, the welds at the corners of the rectangular
post are of poor quality. The same conclusion can be drawn for specimen //5 as

shown In figure 4.16. Note that In both specimens, gaps exist between the cir-
cular plate and the two other components. These gaps existed prior to testing,
as they were visible in X-ray photographs taken before testing. Figure 4.17 is

the cross-section of specimen #9 which failed by fracture of the weld between
the post and the circular plate. The weld within the rectangle in figure 4.17
was examined at a 7.5 magnification and Is shown in figure 4.18. It appears
that complete fusion did not occur at the weld between the threaded bar and the

circular plate. The other welds that are shown in figure 4.17 appear to be of
good quality.

In order to relate the measured capacities of the tested screw jacks to the
capacities of the screw jacks that were in-place at 407.2, raetallographic
examinations were performed on the recovered screw jacks. Figure 4.19 shows
the portions of screw jacks A, B, C, and D prior to sectioning. The threaded
bar for screw jack A was not recovered and only the rectangular post could be
examined. Note that specimen D was quartered.

Figures 4.20, 4.21, and 4.22 show cross sections of screw jacks B, C, and D.

The cross section of screw jack B (figure 4.20) does not display a well-defined
heat-affected-zone in the threaded bar and this may explain why the separation
occurred without no apparent fracturing of the weld metal. Figure 4.21 is a

cross section of screw jack C. In this case, fracture occurred in the weld
between the post and the circular plate, which would indicate adequate fusion.
However, the weld-throat thickness is less than 1/4-in (6-mm). Both screw
jacks B and C show evidence that the fracture began on the east side and that
the post tops were bent toward the west. Figure 4.22 is quarter section of

screw jack D, and it appears that there is no fusion of the weld metal to the

threaded bar.

Based on the metallographic analyses, it is concluded that there is a difference
between the weld quality of the examined screw jacks from 407.2 and the unused
screw jacks tested in the laboratory. There are evidences that there was lack
of fusion between the weld metal and the threaded bars of the screw jacks from
407.2, and this would account for the "clean" separation of some threaded bars
from the remainder of the screw jacks. In some cases the size of the weld
between the post and the circular plate was small and this may also help
explain why some failures occurred in the welds.

4.4 FALSEWORK ASSEMBLY TESTS

In subsection 3.2.4, the configuration of the top portions of the falsework
system was described. It was pointed out that at locations such as 407.2, the
U-heads are oriented so that they cannot freely pivot to accommodate the longi-
tudinal roadway slope of 0.03569. The structural plans specify the use of

wedges between the crossbeams and the stringers (see figure 3.7) so that con-
centric loads would be applied to the U-heads. The field investigation revealed
that wedges were not used and this raises the question of the consequences of
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their omission. Thus, tests were performed to determine experimentally the
forces generated on a U-head under the condition of no wedges between crossbeams
and stringers.

The test arrangement is illustrated in figure 4.23. Figure 4.24 is a

photograph of the actual laboratory setup. A single 3-ft 3-in (1-m) shoring
frame was placed with one leg concentric with the loading head of a universal
testing machine and with the other leg supported by the laboratory floor. The
frame legs were supported by lower screw jacks. A U-head was placed at the top
of the leg positioned in the testing machine. A 30-in (0.76-m) long section
of a W24x68 beam was placed on the U-head. A short piece of a W24x92 beam was

bolted to the top loading head of the testing machine, using wedges so that

the bottom flange was inclined approximately at a slope of 0.036. The testing
machine is of the screw-type so that loading is achieved by moving the top

cross-head downward at a constant displacement rate.

Instrumentation was provided to measure various forces and deformations. The
total vertical load transmitted through the U-head was measured by the testing
machine weighing table and by a load cell beneath the unloaded leg (see fig.

4.23). The screw jack of the U-head was instrumented with three electrical
resistance strain gages, spaced 120° apart along the circumference of the

threaded bar. These gages were used to compute the bending moment and axial
force in the upper screw jack. Figure 4.25 is a closeup view of a U-head
showing one of the strain gages along the circumference of the threaded bar. A
pair of strain gages were also attached to frame braces in order to compute the

forces in the braces. In addition, dial gages were used to measure the dis-
placements of the crossbeam, the top-plate of the U-head and the frame leg.

Some of these dial gage locations are shown in figure 4.26.

The purpose of the tests was to gain information on the force-deformation
characteristics of the assembly. It was not the intent to replicate the

conditions in the actual structure, as this would have required a much larger
and complex testing arrangement. The plane of the frame was placed perpendicu-
lar to the crossbeam, so that the force in the diagonal brace would correspond
to the forces in the diagonal truss braces in the actual shoring towers.

Two tests were performed. In test #1, the diagonal brace was oriented opposite
to the direction shown in figure 4.23. During the first test it was found that

the forces which developed during the test tended to displace the loading-head
of the testing machine because of its flexibility. Therefore, for test //2, the

loading-head was braced to increase its rigidity.

The two most significant results of the tests are the variation of the bending
moment in the screw jack and of the forces in the braces as the vertical load
was increased on the U-head. Figure 4.27 shows the variations of the bending
moment magnitude and of the bending axis direction in the screw jack as the
load was increased in test // 2. The plotted load is the load measured by the

testing machine. The direction and magnitude of the moment were calculated
from the strain gage readings using the assumptions that plane sections remained
plane and that the material was linear elastic with a modulus of 30 x 10^ ksi

(206.9 GPa). The numbers 1, 2, and 3 in the figure refer to the strain gages
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Figure 4.15 is the appearance of the diagonally-cut cross section of specimen
#3. The weld between the threaded bar and the circular plate appears to be of

good quality. On the other hand, the welds at the corners of the rectangular
post are of poor quality. The same conclusion can be drawn for specimen #5 as

shown in figure 4.16. Note that in both specimens, gaps exist between the cir-

cular plate and the two other components. These gaps existed prior to testing,

as they were visible in X-ray photographs taken before testing. Figure 4.17 is

the cross-section of specimen #9 which failed by fracture of the weld between

the post and the circular plate. The weld within the rectangle in figure 4.17

was examined at a 7.5 magnification and is shown in figure 4.18. It appears

that complete fusion did not occur at the weld between the threaded bar and the

circular plate. The other welds that are shown in figure 4.17 appear to be of

good quality.

In order to relate the measured capacities of the tested screw jacks to the

capacities of the screw jacks that were in-place at 407.2, raetallographic

examinations were performed on the recovered screw jacks. Figure 4.19 shows

the portions of screw jacks A, B, C, and D prior to sectioning. The threaded

bar for screw jack A was not recovered and only the rectangular post could be

examined. Note that specimen D was quartered.

Figures 4.20, 4.21, and 4.22 show cross sections of screw jacks B, C, and D.

The cross section of screw jack B (figure 4.20) does not display a well-defined
heat-affected-zone in the threaded bar and this may explain why the separation
occurred without no apparent fracturing of the weld metal. Figure 4.21 is a

cross section of screw jack C. In this case, fracture occurred in the weld
between the post and the circular plate, which would indicate adequate fusion.
However, the weld-throat thickness is less than 1/4-in (6-mm). Both screw

jacks B and C show evidence that the fracture began on the east side and that

the post tops were bent toward the west. Figure 4.22 is quarter section of

screw jack D, and it appears that there is no fusion of the weld metal to the

threaded bar.

Based on the metallographic analyses, it is concluded that there is a difference
between the weld quality of the examined screw jacks from 407.2 and the unused

screw jacks tested in the laboratory. There are evidences that there was lack

of fusion between the weld metal and the threaded bars of the screw jacks from

407.2, and this would account for the "clean" separation of some threaded bars

from the remainder of the screw jacks. In some cases the size of the weld
between the post and the circular plate was small and this may also help
explain why some failures occurred in the welds.

4.4 FALSEWORK ASSEMBLY TESTS

In subsection 3.2.4, the configuration of the top portions of the falsework
system was described. It was pointed out that at locations such as 407.2, the

U-heads are oriented so that they cannot freely pivot to accommodate the longi-

tudinal roadway slope of 0.03569. The structural plans specify the use of

wedges between the crossbeams and the stringers (see figure 3.7) so that con-

centric loads would be applied to the U-heads. The field investigation revealed
that wedges were not used and this raises the question of the consequences of
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their omission. Thus, tests were performed to determine experimentally the
forces generated on a U-head under the condition of no wedges between crossbeams
and stringers.

The test arrangement is illustrated in figure 4.23. Figure 4.24 is a

photograph of the actual laboratory setup. A single 3-ft 3-in (1-m) shoring
frame was placed with one leg concentric with the loading head of a universal
testing machine and with the other leg supported by the laboratory floor. The
frame legs were supported by lower screw jacks. A U-head was placed at the top
of the leg positioned in the testing machine. A 30-in (0.76-m) long section
of a W24x68 beam was placed on the U-head. A short piece of a W24x92 beam was

bolted to the top loading head of the testing machine, using wedges so that

the bottom flange was inclined approximately at a slope of 0.036. The testing
machine is of the screw-type so that loading is achieved by moving the top

cross-head downward at a constant displacement rate.

Instrumentation was provided to measure various forces and deformations. The
total vertical load transmitted through the U-head was measured by the testing
machine weighing table and by a load cell beneath the unloaded leg (see fig.

4.23). The screw jack of the U-head was instrumented with three electrical
resistance strain gages, spaced 120° apart along the circumference of the

threaded bar. These gages were used to compute the bending moment and axial
force in the upper screw jack. Figure 4.25 is a closeup view of a U-head
showing one of the strain gages along the circumference of the threaded bar. A
pair of strain gages were also attached to frame braces in order to compute the

forces in the braces. In addition, dial gages were used to measure the dis-
placements of the crossbeam, the top-plate of the U-head and the frame leg.

Some of these dial gage locations are shown in figure 4.26.

The purpose of the tests was to gain information on the force-deformation
characteristics of the assembly. It was not the intent to replicate the

conditions in the actual structure, as this would have required a much larger
and complex testing arrangement. The plane of the frame was placed perpendicu-
lar to the crossbeam, so that the force in the diagonal brace would correspond
to the forces in the diagonal truss braces in the actual shoring towers.

Two tests were performed. In test #1, the diagonal brace was oriented opposite
to the direction shown in figure 4.23. During the first test it was found that

the forces which developed during the test tended to displace the loading-head
of the testing machine because of its flexibility. Therefore, for test //2, the

loading-head was braced to increase its rigidity.

The two most significant results of the tests are the variation of the bending
moment in the screw jack and of the forces in the braces as the vertical load
was increased on the U-head. Figure 4.27 shows the variations of the bending
moment magnitude and of the bending axis direction in the screw jack as the
load was increased in test // 2. The plotted load is the load measured by the

testing machine. The direction and magnitude of the moment were calculated
from the strain gage readings using the assumptions that plane sections remained
plane and that the material was linear elastic with a modulus of 30 x 10^ ksi

(206.9 GPa). The numbers 1, 2, and 3 in the figure refer to the strain gages
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on the perimeter of the threaded bar, and the north direction corresponds to
that in the actual ramp structure. Also shown in figure 4.27 is the line
which indicates the ratio of axial load to bending moment which produces a

zero stress at a point on the perimeter of the threaded bar. Combinations of
axial force and bending moment below this line would produce tensile stresses
in the threaded bar. Two Important observations are noted. First of all, at
the start of the test, tensile stresses exist in the threaded bar, but they
disappear at higher loads. Second, the direction of the bending moment changes
throughout the test. The maximum load was 135 kips (600 kN) in test //2, at
which point, the crossbeam started to undergo inelastic bending in the web,
as evidenced by the flaking of whitewash applied to the crossbeam surfaces.
Beyond the maximum vertical load, high tensile strains were recorded on one
side of the threaded bar, but because the bar was undergoing compressive
yielding on the opposite side it was not possible to readily compute the
bending moment. Therefore, figure 4.27 does not show the descending branch
which existed.

The other major finding of the test is the variation of the forces in the
braces of the frame. Figure 4.28 shows the computed forces in the horizontal
and diagonal braces of test #2 as a function of the load measured by the test-
ing machine. These forces were calculated from strain gage readings assuming
a 2 x 2 x 0.11-in (50.8 x 50.8 x 2.8-mm) tube cross section and an elastic
modulus of 30 x 10^ ksi (206.9 GPa). Also shown is the force recorded by
the load cell beneath the other frame leg. The force in the diagonal brace is

tensile, and all other forces are compressive. This figure shows that the
absence of wedges between the crossbeam and stringers not only introduces
bending into the screw jack, but it also introduces a lateral force to the
U-head which must be resisted by the braces. Note that the brace forces vary
linearly with the applied vertical load before the maximum load is reached,
and that they increase rapidly near the maximum load.

Further insight into the cause of the above behavior may be gained by
considering the deflected shape of the crossbeam-U-head assembly, which is

shown schematically in figure 4.29. The top flange of the crossbeam rotates
and makes full contact with the inclined stringer. Because of the compatabil-
ity of deformation between the U-head and the lower flange of the crossbeam, a

horizontal force and bending moment is imparted to the U-head. Forces are set

up in the braces of the frame to resist the horizontal force and bending moment.
If the braces are pin-connected to the legs, as they would be in the shoring
towers, the diagonal brace becomes a critical member. If the diagonal reaches
its ultimate capacity, the top of the frame leg would rotate toward the east
(for the actual ramp orientation), and the crossbeam would tip over.

Figure 4.30 and 4.31 show the bending moment and brace-force variation for test

#1. In this case, the frame diagonal was oriented so that it developed a com-

pressive load. The ultimate load was 120 kips (534 kN) and failure was also

by bending in the web of the crossbeam. Comparing figure 4.30 with 4.27, one

sees a similar pattern of behavior. The primary difference is the direction
of the bending axis. It is believed that this is a result of a difference in

the contact-point location, through which the load is transferred from the top-

plate to the post of the screw jack. Imperfections in the circular bearing
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surfaces of these two components would affect the actual point of force
transfer. Comparing figure 4.31 with 4.28 reveals that the variation of forces
in the diagnonal braces follows a similar pattern independent of the brace
orientation. The force in the horizontal brace was not monitored in the

first test.

In summary, these tests have highlighted the behavior when wedges are not used
between the crossbeam and the inclined stringers. A significant horizontal
force is imparted to the U-head, which in the actual structure would tend to

rotate the frame leg toward the east. Stability of the frame leg is provided
by the diagonal braces. In addition, a bending moment is imparted to the U-
head. The horizontal force and bending moment will also introduce additional
compressive load into the opposite frame leg.

4.5 DIAGONAL BRACE TESTS

The diagonal braces which join together the prefabricated frames are critical
structural elements in determining the ability of the shoring towers to accom-
modate any differential settlements of the legs and to accommodate the horizon-
tal forces discussed in the previous section. No data were available for the

strength of the diagonals used in the towers. Thus, tests were performed by
NBS on six braces obtained from the site. The braces all had welded external
couplers which joined two tube sections to form the completed brace. This type
of diagonal brace was observed to have been used at 407.2 and elsewhere in the

structure. Three braces were tested in compression and three in tension.

Figure 4.32 shows the testing arrangement for the compression tests. The braces
were attached to small pieces of frame legs using 3/4-in (19-mm) diameter bolts
which were also obtained from the site. The frame legs were positioned concen-
trically in the universal testing machine and loaded to the ultimate capacity
of the braces. After testing, two coupons were cut from each brace, one from
each half of the brace, and the wall thicknesses were measured.

Table 4.2 summarizes the results of the tests. Braces //I and #2 buckled out of
plane, while brace //3 buckled in the plane of the brace. The different buckling
mode and lower capacity for brace #3 is attributed to a corroded zone near the

coupler as shown in figure 4.33. Apparently there was enough local reduction
of the cross section due to rusting to significantly reduce the buckling
strength.

The arrangement for the tension tests is shown in figure 4.34. Short sections
of frame legs were utilized as spacers so that the same type of bolts could be
used as were used in the compression tests. Braces #4 and #5 failed by bearing
failure and tearing out at one end, as shown in figure 4.35. In the test of

brace #6, failure occurred as a shear failure in the threaded section of the

bolt. This test was repeated two additional times and shear failure of the

bolt occurred in all cases. After testing, coupons were cut from the braces
for thickness measurements.

Table 4.2 also summarizes the dimensions of the tested braces. It is seen that
in braces // 1 , #2, and #5, two dissimilar tubes were joined together to form the
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complete brace. In brace #6, both halves were tubes with large wall thickness
and this accounts for the bolt-shear failure when this brace was tested. The
manufacturer ’

3

specifications Indicate that the 2-1/2-in (63.5-mm) diameter
braces should have a wall thickness of 0.095 In (2.4 mm).

4.6 FIELD LOAD TESTS OF CONCRETE PADS

The most direct method to evaluate the settlement characteristics of the
foundation supporting the tower legs and to determine the breaking strength of

the concrete pads is to conduct full-scale load tests at the site. Four load

tests were performed from August 30 to September 17, 1982. The tests were
designed and carried out in a cooperative effort among four groups of investi-
gators including NBS. Locations of the load tests are given in figure 4.36.

Test 1 was a four pad test located at the north tower at 407.2, and the four
pads were positioned at the original locations of the north tower supports.
Test 1 evaluated the load-displacement characteristics of a previously loaded
subgrade. Test 2 was also a four-pad test located at the north side of the

ramp midway between tower locations 407.2 and 408. Test 2 evaluated the load-
displacement characteristics of the subgrade in a relatively undisturbed area.
Test 3 was another four-pad test located at the north side of pier 408 and the
pads were also positioned at the original support locations on the boiler-slag
fill. Test 4 was a single-pad test located in line with the northernmost con-
crete pads and at the centerline of pier 408. All concrete pads used for the
tests were obtained from the tower locations east of pier 408.

The general load test layout is shown in figure 4.37. Figure 4.38 provides an
overall view (from west to east) of the load test at the site. Approximately
800 kips (3.56 MN) of steel plates were placed above the W36 x 194 steel beams
as counter weights for loading. The loading assembly for each concrete pad is

shown in figure 4.39. Slag in its natural moisture condition was placed in

each sand box in three layers, which were hand compacted using the 10 x 10-in

(250 x 250-mm) plate of the screw jack. A hydraulic ram of 220 kips (980 kN)
capacity was provided for loading each pad. A 200 kip (890-kN) capacity load

cell was positioned between each ram and the steel beams. Figure 4.40 provides
a closeup view of the loading assembly. The hydraulic line from each ram was
connected to a manifold so that all four pads could be loaded simultaneously.
Figure 4.39 illustrates the positions of the dial gages used for the displace-
ment measurement of each pad. The corner dials (dials #1 through #4) were
located approximately 6 in (150 mm) from the pad edges and dials #5 through #8

were located near the corners of the sand box. Dial //9 was placed on top of

the steel plate of the screw jack, and was used to measure the total settlement
of the subsoil below the pad plus that of the slag in the sand box.

The original test procedures called for two loading cycles for each test
location: 1) loading to 80 kips (356 kN) and unloading (cycle 1); 2) reloading

to 160 kips (712 kN) and unloading (cycle 2). However, due to pad cracking

prior to 160 kips (712 kN) the original plan was not carried out. In load

cycle 1, all pads were loaded simultaneously in increments of 8.5 kips (37.8

kN) up to a maximum load of about 85 kips (378 kN) per pad. At each increment,

the load was held constant for a period of 15 to 30 minutes and the dial
readings were monitored to observe the rate of settlement. A settlement rate
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of 0.01 in (0.25 mm) per hour was set as the criterion to decide whether the
holding period should be extended prior to increasing the load. Once the

nominal 85-kip (378 kN) load was reached, the load was maintained for 12 to 13

hours, and the settlement readings were taken hourly after the first hour to

evaluate the time-settlement characteristics of the subsoil. The unloading
cycle was accomplished in three steps with a 28.3-kip (126 kN) reduction in

load in each step. Load cycle 2 was conducted in a manner similar to load

cycle 1 with the exception that (1) a settlement rate criterion of 0.02 in

(0.51 mm) per hour was used and (2) the load increment was 17 kips (76 kN).

Table 4.3 presents the measured average pad settlement for all the pads during
load cycle 1. Except for pad 1 of Test 1, which cracked 73 minutes after the

start of the holding period, the settlement data used in the tabulation were

taken at the end of the holding period. Pad 2 of Test 3 cracked at a load of
77 kips (343 kN). During testing, the response of the load cell at pad 4 was

used to monitor the load at each increment. The actual load on each pad varied
slightly as indicated in Table 4.3. The measured settlements were thus cor-
rected for the load differences by using a linear load-displacement relation-
ship as indicated by the load-displacement plots which will be presented later
in this section.

Several observations can be made from table 4.3. Under a load of 85 kips
(378 kN), the settlement of the soil under the pad is expected to be less than

0.3 in (8 mm). The settlements of the soil during loading in Test 1 were
smaller than those in Test 2; however, the difference is less than 0.1 in

(2.5 mm). The results also indicated that the pads within each test settled
rather uniformly, and the maximum differences in settlement among pads were
0.061 in (1.6 mm) for Test 1 and 0.050 in (1.3 mm) for Test 2. The pads on

boiler slag at 408 settled much less uniformly with settlements varying from
about 0.2 to 0.5 in (5 to 13 mm) to yield a maximum differential settlement
among pads of about 0.3 in (7 mm). Dial #9 measured the total settlement of

the screw jack which includes the settlement of the slag placed in the sand box
plus that of the soil. The net settlement of the slag in the sand box was

obtained by subtracting the average readings of dials #1 through #8 from the

dial #9 readings. As shown in table 4.3, the settlement of the slag varied
from about 0.4 to 0.7 in (10 to 18 mm). The average slag settlement is remark-
ably close to the values obtained from the laboratory sand box tests as shown
in figure 4.3. The table also indicates that the maximum difference in total
screw jack settlements among four pads for all load tests conducted did not

exceed 0.3 in (7 mm).

All pads cracked during load testing and the breaking strength of the pads
varied from 77 kips (343 kN) to 178 kips (792 kN)

, as shown in table 4.4.
Table 4.4 also indicates the load magnitude after each pad cracked and the mag-
nitude of screw jack settlement caused by cracking. Generally, two types of

crack pattern were observed. The first type is a diagonal crack as shown in

figure 4.41, and the second is a transverse crack along either direction across
the pad as shown in figure 4.42. For most of the pads, two cracks were formed.
The observed crack patterns are indicated in table 4.4.
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Three concrete cores were taken from each pad used In Tests 1 and 2 and were
sent to NBS for compression testing. Table 4.5 gives the results of the core

tests* It Is seen that the pad thicknesses , as Indicated by the "as-received"
core lengths, and the core compressive strengths varied among the pads. These

two variables must be taken Into account when Interpreting the failure loads

shown In table 4.4. For comparison purposes, two cores were taken from each

of the concrete pads which originally supported the shoring towers at 407.2.

Table 4.6 presents the dimensions and strengths of these cores. Note the

variations in as-received core lengths and compressive strengths.

Load-displacement curves for the first pad to crack during each test are given
in figures 4.43 through 4.45, for Tests 1, 2, and 3, respectively. The data

presented in these figures were the readings recorded at dial #9, which mea-
sured the total settlement of the subsoil and the compacted slag in the sand

box. Similar plots of the dial #9 readings for other pads are included in

Appendix A. The circles are the data for load cycle 1 and the squares are for

load cycle 2.

Common features which can be observed from Tests 1 and 2 are summarized as

follows: for practical purposes the loading portion of load cycle 1 can be

approximated as a straight line in the load range from 30 to 85 kips (134 to

378 kN) . The loading curves of cycle 1 from Test 1, conducted in the area
which had been precorapacted during construction, indicated about 30 percent
greater stiffness than from Test 2 which was conducted in an area of less

previous compaction. Another common observation is that the pads could take

additional load even after they had cracked. This, however, was not the case

for pad 2 of Test 3, whose load-displacement curve is given in figure 4.45. In

this case, and also for the other pads in Test 3, the pad could not support
additional load once it had cracked. This is attributed to bearing failure of

the shallow boiler slag layer underneath the pad. The boiler-slag would simply

be pushed away by the cracked pad when the load was being re-applied and the

pad continued to sink into the boiler slag. The loading portion of load cycle

1 for pad 2 of Test 3 also indicated an approximately linear relationship
between the load and displacment; however the foundation was more compressible
than observed in Test 2.

Foundation stiffness values obtained from the linear portions of the

load-displacement curves for the loading portion of load cycle 1 are also
summarized in table 4.4. It can be seen that the values from Test 1 varied in

a narrow range from 140 to 154 kips/in (25 to 27 kN/mm). The stiffness values

of Test 2 were found to be in an even narrower range from 112 to 119 kips/in

(20 to 21 kN/mm), or about 78 percent of the stiffnesses from Test 1. The

stiffnesses from Test 3 were lower than those obtained from Test 2 indicating
that the boiler-slag fill is more compressible than the surrounding soil.

Table 4.4 also gives the duration of the constant load period when the pad

cracked. Most pads cracked less than 10 minutes into the holding period.
Three of the pads had a sudden failure as the load was being increased, and one

pad (pad 1 of Test 2) cracked after the load had been maintained for more than

one hour. Two factors are offered in an attempt to explain this delayed fail-

ure. Figure 4.46 shows the time-settlement curve obtained from pad 1 in Load
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Test 2. This curve shows that the settlement experienced by the screw jack did
not occur instantaneously. The time-dependent component of the settlement is

a function of load level and the foundation materials. In addition, there may
be a difference between the settlement around the peripheral area of the pad

and the central portion of the pad. Table 4.7 summarizes the accumulated
settlements during the first 60 minutes while the pads were loaded to the
values given in table 4.3. Column 3 of the table shows the average values of

dials #1 through #4, and column 4 shows the averages for dials #5 through //8.

Although in most cases the difference is small, the trend consistently indi-
cates that the inner portion of the pad experienced a higher settlement than
the outer portion. These two observations may be interpreted to mean that the

soil pressure distribution changes with time causing the central part of the
pad to settle more than the perimeter. This would in turn increase the flexural
tensile stresses in the bottom of the pad, and could result in delayed cracking
of the pad

.

The results from the single pad test of Test 4 are not used in the analysis
since the load-displacement curve in load cycle 1 indicated a rather high stiff-
ness value at 119 kips/in (21 kN/mm) . This outcome is attributed to compaction
of the underlying boiler slag by the overlapping stress fields developed during
the loading of the adjacent pads: once during construction and twice during
loading cycles 1 and 2 of Test 3.

In summary, the full-scale load tests of the four-pad groups indicate a low
value for the maximum differential settlement of the screw jack plates. Most
of the observed differences can be attributed to differences in the settlement
of the slag filler in the sand boxes, rather than to differences in settlement
of the underlying soil. In addition, about two-thirds of the screw jack
settlements can be attributed to the settlement of the slag in the sand boxes.
There were significant differences among the foundation stiffnesses at the
three test locations. As expected, Test 1 (preloaded location) resulted in

greater foundation stiffness than Test 2 (location without preload), because
of the higher degree of precompaction at 407.2. For the purpose of subsequent
structural analyses, the average of the results from Test 2 are used to repre-
sent the foundation stiffnesses for the shoring towers originally at 407.1 and

407.2, that is, a value of 115 kips/in (20 kN/mm) is used. For the towers
resting on boiler-slag fill at pier 408, a foundation stiffness of 95 kips/in
(17 kN/mm) is used. This value is the average of the two lower values from
Test 3. The reason for using this lower value, rather than the measured
average foundation stiffness at 408 of 105 kips/in (19 kN/mm), is because the

average value is for precompacted boiler-slag fill. During the original load-
ing of the towers, the foundation stiffness at 408 would have been lower than
the Test 3 results. It is not justified to lower the average foundation stiff-
ness from Test 3 by the ratio of the average stiffness of Test 1 to the average
stiffness of Test 2 because of the different subsurface condition at 408. For

the structural analysis, it is is felt that using a value of 95 kips/in
(17kN/mm), rather than some lower value, for the stiffness at 408 would under-
estimate the load effects at 407.2, and this is a conservative approach as far

as the failure analysis is concerned.
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4.7 SUMMARY

Based on the results of the experimental investigation, the following major
conclusions are drawn concerning the performance of various components of the

falsework system.

1. None of the tested sand boxes experienced failure by attaining an ultimate
load capacity. Some boxes were tested to a load of 160 kips (712 kN).

The load-settlement behavior of the filler was affected by the degree of

precompaction prior to testing. Lateral pressures on the sides of the

box were greatest with compacted slag-filler, but were not enough to cause

lateral bursting of the boxes. Uplift was greatest when boiler-slag and

concrete-sand were used as fillers. With compacted slag filler the ver-
tical settlement at 80 kips (356 kN) was about 0.5 in (13 mm).

2. Metallographic examination of screw jack welds from U-heads recovered from
407.2 indicated lack of fusion in some of the welds. The unused screw
jacks tested in the laboratory had better weld quality, but they still had

welding defects.

3. Tests of a falsework assembly, modelling the interaction between crossbeam
and U-head when wedges were not used, revealed that a horizontal force and

a bending moment were introduced into the U-heads.

4. Compression tests of three diagonal tube braces resulted in an average
buckling load of 6.3 kips (28 kN). In the tension tests two braces
experienced bearing failure and subsequent tearing out at the bolted con-
nection. The average failure load for the two braces was 12.8 kips

(57.0 kN) . A third brace tested in tension resulted in shear failure of

the bolt. The average failure load for three bolts was 17.8 kips
(79.2 kN) . The wall thickness of the tubes, joined to form the complete
braces, varied considerably, but it was not lower than specified in the

manufacturer's specifications.

5. The compressive strength of cores taken from the concrete pads at 407.2
were variable from pad to pad, and in some cases were variable from bottom
to top within a single pad. The pad thicknesses, as measured by the core

lengths, were also variable. Pad E had the lowest thickness, 11-1/2-in
(292-mm); and pad C had the largest thickness, 13-1/2 in (343 ram).

6. The results of the full-scale field tests of concrete pads revealed
insignificant differential settlements among the screw jacks in each four-
pad group. The major cause of the screw jack settlement was the settle-
ment of the slag in the sand boxes rather than subsoil settlement. A

significant difference was noted between the foundation stiffness of the

boiler-slag fill around pier 408 and that of the surrounding soil.

7. The breaking strengths of the concrete pads varied from 77 to 178 kips
(343 to 792 kN), and some of this variation can be attributed to differ-
ences in pad thickness and concrete strength. A majority of the pads

cracked while the load was being held constant and it is suggested that
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the delayed failure is due to a time-dependent redistribution of the
underlying soil pressures.
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Table 4.1. Summary of Sand Box Tests

I.D. Filler
Moisture
Condition Compaction

Bottom
Plate

Sustained
Loading

New Slag Moist Loose New Box No

407-G Slag Moist Loose Original No

407-F Slag Moist Loose Original 2.5 hr 0 160 k

8.1.1 Slag Moist Loose Original 7.5 hr 0 80 k

9.0 Slag Moist

(5%)

Hand Tamping Original 18.5 hr 0 40 k,

8.5 h 0 80 k

8.1.2 Slag Dry Hand Tamping Original 2.25 hr 0 40 k,

23.3 hr 0 80 k

407-H Boiler
Slag

Dry Hand Tamping New 1.5 hr 0 40 k

407-E Boiler
Slag

Moist

(8%)

Hand Tamping New 1 hr 0 40 k

408-E Concrete
Sand

Dry Hand Tamping New No

9.1 Concrete
Sand

Moist

(5%)

Hand Tamping Original No
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Table A. 4 Values of Pad Failure Loads and Foundation
Stiffness for Screw Jacks

Test
No. Pad No.

Failure
Load

Load After
Cracking

Drop of Screw
Jack Plate

Duration of
Load Held

Foundation
Stiffness

kips kips in. min. kips/in.

1 1 112 101 0.64 0.5 145

2 132 120 0.33 2.0 154

3 178 168 0.25
No

Information 146

4 154 ? 0.19 0 140

2 1 88 74 0.46 73.0 112

2 115 102 0.25 5.0 115

3 153 151 0.14 0 112

4 168 144 0.72 10.0 119

3 1 135 40 >0.941/ 0 98

2 77 21 >0.371/ 1.0 93

3 104 74 >0.571/ 3.0 . 115

4 102 74 >0.431/ 3.0 112

Crack
Pattern

N

Z

0

5

a
Note: 1. Failure load could not be re-applied and held by the pads, thus the

drop of support under the load should exceed the values given in the

table.

1 kip - A. 45 kN

1 in = 25.4 mm
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Table 4.7 Accumulated Settlement During the First 60 Minutes When
the Pads Were Loaded Under 85 kips Nominal Load

Sett]Lements
Test No. Pad No. Average of Dials if1 - #4 Average of Dials #5 - #8

in. in.

1 1 0.023 0.036

2 0.017 0.017

3 0.019 0.020

4 0.021 0.023

2 1 0.031 0.032

2 0.025 0.027

3 0.024 0.026

4 0.030 0.031

3 1 0.007 0.009

2 (Pad cracked below 85 kips)

3 0.004 0.006

4 0.010 0.017

1 in = 25.4 mm

97



98



Figure

4.2

Arrangement

of

dial

gages

for

deformation

measurements

in

sand-box

tests



Figure 4.3 Load versus crosshead displacement for sand-box tests

with slag filler
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Figure 4»4 Load versus uplift for sand-box tests with slag filler
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Figure
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Figure 4.7 Load versus crosshead displacement for sand-box tests
with boiler-slag and concrete-sand fillers
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Figure 4.8 Load versus uplift for sand boxes with boiler-slag and

concrete-sand fillers
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EXP. METHOD

9.0, compacted slag, moist

& 8.1.2, compacted slag, dry

o 407-H, boiler slag, compacted dry

407-E, boiler slag, compacted moist

v 408-E, sand, compacted dry

9.1, sand, compacted moist

0.05 0.10 0.15

LATERAL SPREAD (in)

Figure 4.10 Load versus lateral spreading of sand boxes
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Figure 4.18 Magnified view of area within rectangle in figure 4.17
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TESTING MACHINE

LOADING HEAD

W12*92

TESTING MACHINE

WEIGHING TABLE

Figure 4.23 Schematic of arrangement for test of falsework assembly
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Figure 4.24 Laboratory set-up for falsework assembly test #2
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Figure 4.25 Close-up view of U-head and instrumentation used in tests of

falsework assembly
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ROTATION OF BENDING AXIS, degrees

0 10 20 30 40 50 60

Figure 4.27 Variation of the magnitude and direction of the bending moment

in the screw jack as a function of the vertical load (test #2)
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FORCE, kips

I

J

Figure 4.28 Variation of brace forces and support reaction as a function

of vertical load (test #2)
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Figure 4.29 Schematic of deflected shape of crossbeam and top of U-head
when wedges are not used between stringer and crossbeam
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ROTATION OF PRINCIPAL AXIS, degrees

0 50 100 150

Figure 4.30 Variation of the magnitude and direction of the bending moment

in the screw jack as a function of the vertical load (test #1)
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Figure 4.31 Variation of brace force and support reaction as a function of
vertical load (test #1)
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Figure 4.32 Arrangement for compression tests of diagonal braces
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Figure 4.33 Close up view of corroded region near coupler of brace #3
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Figure 4.34 Arrangement for tension tests of diagonal braces
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Figure 4.35 Tearing failure at bolt connection of brace #5
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LOAD TEST #2
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NOTES:

1. Q CONCRETE PADS FOR LOAD TEST
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3. LETTERS MARKED ON THE PADS IDENTIFY THE LEGS OF THE

SHORING TOWER

4. NUMBERS GIVEN TO THE PADS WERE THOSE USED DURING

FIELD LOAD TESTING

Figure 4.36 Locations of full-scale load tests
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STEEL SLABS
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Figure 4.37 Layout of field load tests of concrete pads
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2" PLATE ON W36*194

3" SHIM ALLOWANCE
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7" SCREW JACK &
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W SAND BOX

12" to 15" THICK PAD

Figure 4.39 Load assembly and layout of dial gages on the

concrete pad
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Figure 4.40 Close-up view of the load assembly

*
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5.

ANALYTICAL INVESTIGATION

5 . 1 INTRODUCTION

This chapter presents the analytical investigation of unit IV under conditions
estimated to be existing at the time of the collapse. The results of the
analyses are used in chapter 6 to determine the most likely trigger of the

collapse. Chapter 6 also presents the results of additional analyses performed
to explain a likely failure sequence leading to the total collapse of unit IV.

Section 5.2 defines the structural loadings and the basis used in their calcu-
lation. The basis for selecting the method of analysis and the details of

the computational model are presented in section 5.3. The results of the
analysis are presented and explained in section 5. A. A summary of the major
findings in this chapter is presented in section 5.5.

5.2 LOADS

The following list identifies possible sources of loading on unit IV and on
the falsework at the time of collapse:

1. Impact loads.

2. The weight of construction workers and equipment (i.e., generators,
screeding machines, etc.)

3. Wind loads.

4. The weight of steel shoring towers.

5. The weight of steel longitudinal stringers and transverse crossbeams.

6. The weight of timber formwork.

7. The weight of hardened concrete and reinforcement in the walls (webs)
and bottom slab (flange) of the box girder.

8. The weight of fresh concrete and reinforcement in the top slab of the
box girder.

Impact loads due to the placement of concrete are significant only if concrete
is being discharged from the bucket to the formwork at the time of the collapse.
It has been established that concrete was not being discharged at the time of

collapse. In fact, worker testimony indicates that at the time of collapse,
all members of the construction team on unit IV were taking a break on the

east side of pier A08, and that no work was being done. This also indicates
that any live load due to the construction personnel — estimated at 3 kips

(13 kN) — would be transferred directly to the crossbeam CU 8.0 on the towers
at A08. Location of the screeding machine and portable generators (estimated
at 2 kips (9 kN) load) were determined to be approximately 10 ft (3 m) behind

the limit of concreting at the time of collapse.
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The prevailing wind was estimated at 15 mph (24 kph) approximately from the

j

south based on weather reports from a nearby industrial plant* This corre-
sponds to a wind load of only 1.1 kips (4.9 kN) along the entire length of unit
IV. Compared to the gravity loads of 1611 kips (7.17 MN) , the effect of such a

wind on the structural behavior is not significant and therefore it was not
included in the analytical study.

The self weight of the shoring towers was calculated based on an assumed steel
density of .000283 kips/in 3 (7.83 Mg/m3). This value was input directly into

! the computational model along with individual member cross-sectional areas.
The longitudinal steel stringers were ascertained to be comprised primarily of

W36 x 194 sections and the transverse crossbeams were determined to be W24 x 68

sections. A notable exception to the above values was the heavier stringers in
span 7.2 between towers 407.1 and 407.2. These had an estimated weight of 260

lbs/ft (4 kN/m)

.

The timber formwork was comprised primarily of nominal 4 x 6-in (100 x 150 mm)
joists together with 3/4-in (19-mm) plywood decking. A density of 35 lbs/ft 3

(560 kg/m3
) (kiln dried fir [5.1]) was assumed in the calculation of formwork

! loads.

Based on the mixture proportions documented in the testing laboratory reports
of the Indiana Department of Highways and based on the unit weights of air-dry
cores taken from units IV and V, it is estimated that the unit weight of fresh
concrete being placed in the top slab of unit IV was 149 lbs/ft 3 (2390 kg/m3 ).
For the air-dry concrete in the bottom "U"-section of unit IV a unit weight of

145 lbs/ft 3 (2320 kg/m3 ) was used. Based on estimated steel quantities shown

on the structural drawings, the reinforcing steel load was estimated at 5

lbs/ft 3 (80 kg/m3
).

Because of the two-phase method of construction (see chapter 2.3), the above
mentioned loads are perceived by the structural system in two distinct sets.

The first phase is the casting of the webs and bottom flange of the box girder,

and figure 5.1 shows the manner in which the load is distributed down through

the longitudinal stringers. Because the concrete is fluid at this stage, the

load is carried directly to the formwork as a pressure load. The formwork then

distributes the load to the stringers in the manner shown in figure 5.1. Con-

tinuity of the plywood and wood joists across the longitudinal steel stringers

is taken into account. Wall forms for the box girder webs were not included

in this analysis since they were not present at the time of collapse. For the

same reason the unit weight of concrete in the "U"—section was assumed to be

145 lbs/ft 3 (2320 kg/m3 ) since this was the estimated air-dry weight of the

hardened concrete at the time of collapse. Note that the loads given in figure

5.1 are loads per longitudinal foot of deck.

For the first placement (Case I), the structural system for unit IV can be

viewed as a discontinuous system of simply supported beams resting on towers

407, 407.1, 407.2, 408, and 408.1. Since the longitudinal stringers are simply

supported at their ends on the crossbeams, all Case I loads can be reduced to

!

equivalent point reactions on the six crossbeams of the towers at 407.1, 407.2,

! and 408 using the simple method of tributary areas. The contribution to the
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towers at 407.1 from the fresh concrete of unit IV supported by stringers
between 407 and 407.1 can be computed on the basis of an equilibrium analysis.
Likewise, the reactions at the towers at 408 from that portion of unit IV cast
between 408 and 408.1 can be calculated on the basis of equilibrium. The
crossbeam reactions for the towers at 407.1, 407.2, and 408 under the Case I

loading are presented in figure 5.2.

Figure 5.3 illustrates the manner in which the weight of fresh concrete during
the casting of the upper deck is carried down through the structure. From a

static equilibrium analysis, the load transmitted via the wing form shoring
posts to the outer stringers was calculated to be 0.51 kips per longitudinal
foot (7.44 kN/m) of deck. The load carried by the box-girder web consists of

three components: a contribution of 0.626 kips/ft (9.14 kN/m) of deck from the
wing forms and concrete (calculated via static equilibrium); a contribution of
0.298 kips/ft (4.35 kN/m) of deck from the concrete over top of the web; and a

contribution of 0.46 kips/ft (6.71 kN/m) of deck from the center forms and con-
crete based on an equilibrium analysis which assumes the center forms to act
as a continuous unit aross the center shoring posts. The center shoring posts
carried a load equal to 1.26 kips/ft (18.4 kN/m) of deck, which includes both
the weight of the forms and the fresh concrete.

During Case II — the casting of the upper deck of the box girder — the loads
will be transferred in a very different manner to the supporting towers than
for Case I. This is because the hardened concrete in the lower "U"-section of

the box girder acts as a continuous beam over the tops of the shoring towers.
A continuous beam will yield significantly different results for the reactions
at the tower supports than would be calculated using the simply supported beam
analysis of Case I, particularly if there is differential settlement between
any of the three tower groups in unit IV — 407.1, 407.2, and 408. Furthermore,
the stiffness of the box girder "U"-section [estimated at El = 1.1(10)

kip-ft (4.5 (10) kN-m )] is more than nine times as stiff as the supporting
stringers. For analysis, the loads applied to the ”U"-section during the cast-
ing of the box girder deck can be assumed to be carried solely by the hardened
"U"-section of the box girder with the stringers serving only to transfer
bearing reactions to the crossbeams.

5.3 METHOD OF ANALYSIS

For cast-in-place structures utilizing high load capacity steel shoring, it has
been shown [5.2] that a large redistribution in the axial load carried by the
tower legs will take place if even a minor amount of differential leg settle-
ment takes place. This situation is amplified in the case of unit IV where,

due to the continuity of the structure attained from the box girder "U"~
section, differential settlement of a tower can increase the load carried by
adjacent towers. An accurate structural analysis would thus have to consider
the behavior of unit IV and its supporting structure under various stages of
construction, rather than simply an analysis of a single shoring tower under
an assumed loading based upon tributary area calculations. For these reasons,
two analytical models were developed and their results superimposed to obtain
the structural load distribution prior to the collapse. A linear-elastic
finite element program, the Sperry Univac implementation of ICES-STRUDL-II

[5.3], was used for the analysis.
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5.3.1 Case I Model

Figure 5.4 shows the three-dimensional space frame/truss for shoring towers at
407.1, 407.2, and 408. The designations HL196, HL66 and HL33 refer to frame
heights of 19 ft 6 in (5.94 m), 6 ft 6 in (1.98 m) and 3 ft 3 in (1.02 m) , in
that order. The relative elevations of the towers, the longitudinal and lateral
positioning, and superelevations were all taken from the surveyor’s notes and
the structural plans. The configuration of the tower units and the orientation
of frame and truss bracing was determined from the analysis of photographs
taken prior to the collapse (see section 2.4) and from field investigation of
the wreckage. These data are presented in schematic form on the finite element
model for tower 407.2 detailed in figures 5.5 to 5.8. Similar data for the
towers at 407.1 and 408 are presented in appendix B. The cross-sectional dimen-
sions and properties of the frame and truss bracing members, as well as the

main compression legs were as indicated in the manufacturer’s engineering
drawings of the hi-load shoring towers. Field observations indicated some
variation in the truss and frame braces: certain truss braces were joined at
the middle via welded inner or outer sleeves; some frame units had been rein-
forced with 4-in (100-mm) channels welded to the vertical sides of the square
tubular frame braces; and some random variation in the diameters of the truss
braces were noted on various towers. While these variations may affect the

ultimate strengths of the members in tension or compression, they produce very
little change in the load distribution characteristics of the towers and
hence were not considered in the analysis. Some frame members had additional
1.25-in (32-mm) O.D. crossbraces welded into place and these were included in

the analysis. Also included in the structural model of the towers were the

horizontal diagonal braces that were used at the junctions of the frame units.

The nominal cross-sectional tower member properties used in the analysis are

listed in table 5.1. As shown in figures 5.5 through 5.8, the truss braces
occupied positions in the eastwest vertical plane, while frame braces were
oriented in the north-south vertical planes. The coupler joints between the

prefabricated shoring tower frames were assumed to provide translational

(shear), but no rotational (bending) restraint.

Because of the lack of wedges between the longitudinal stringers and the

supporting crossbeams, it has been determined from tests (see chapter 4) that

horizontal forces are introduced into the upper screw jacks at the bottom of

the crossbeams. As illustrated in figure 4.28, the magnitude of this horizon-

tal force increases fairly linearly with increasing axial load until the onset

of yielding in the web of the crossbeam. For a vertical load of 100 kips the

horizontal force component was equal to at 2.4 kips (10.7 kN). This force, due

to the geometry of the contact surface as evidenced in the deflected shapes of

the tests (figure 4.29), would be directed parallel to the longitudinal axis of

the bridge in an easterly direction (for unit IV). To account for this addi-

tional force in the analytical study, a mechanistic model as shovm in figure

5.10 was employed. This transforms the vertical stringer reaction into an

equivalent vertical load at the screw jack top, plus a horizontal component

derived from a linear approximation of the experimentally measured loads. In

falsework assembly test #2 the horizontal force was measured indirectly by the

various strain gage and load cell elements which monitored forces in the hori-

zontal and diagonal braces. The horizontal force at the screw jack was back
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calculated via a computer structural analysis of the test specimen and the
consideration that equilibrium of internal forces and external reactions must
be maintained. This gave the approximate variation of the horizontal force (H)
with the applied vertical stringer load (P) as shown in Fig. 5.10b. An impli-
cit assumption in the computer model, as illustrated in Fig. 5.10c, is that
longitudinal (to the east or west for unit IV) deformation in the structural
system is restricted to the shoring towers: the box girder and superstructure
formwork are assumed to undergo no longitudinal translation. This can be

visualized as follows: due to the rotation of the crossbeams at the towers at
407.2 and at 408, horizontal forces acting towards the east are introduced into
the shoring towers. The reactions acting on the superstructure are directed to

the west, and thus will be resisted by direct bearing of unit IV with unit III.

Given the small magnitude of these horizontal forces, the axial deformation of

the superstructure was assumed to be negligible. The effect of crossbeam
rotation was not included for the 407.1-towers, because for this case the
U-heads were oriented so that they accommodated the roadway slope and the hori-
zontal force would not exist, see figure 3.10. Any transverse horizontal forces
which might have existed at 407.1 due to the superelevation were neglected in

the analysis because of the low value of the superelevation (the transverse
slope) in unit IV (see fig. 2.2).

For the Case I analysis the loading configuration shown in figure 5.1 is used
in conjunction with the dead weight of the tower elements. The support stiff-
nesses, as determined from the field load tests described in chapter 4, are
given in table 5.2.

5.3.2 Case II Model

During the casting of the upper deck, the hardened box girder "U"-section
carries the majority of the live load from the fresh concrete and transfers it

to the underlying shoring towers via direct bearing through the stringers and
the crossbeams. The stringers themselves are assumed to carry none of the live
load along their span during this construction phase. The box girder was
modeled using rectangular overlapping plate bending (type BPR) and membrane
(type PSR) finite elements. These elements are described in reference [5.3].
The finite element mesh used to define the box girder "U"-section and its rela-
tive connectivities with the support towers is shown in figure 5.9. A number
of assumptions were made in defining the boundary conditions and element con-
nectivities for the analytical model in Case II. Because the construction
joint to unit III had been cast two days prior to the collapse, it was assumed
that translational, but not rotational, restraint was present there at the

time of the collapse. The translational elastic restraints were defined as

follows: in the Z direction (positive to the east, along the longitudinal axis
of the roadway) a spring support was assumed with a stiffness equal to the axial

deformation of unit III under a unit load of 1 kip (4.45 kN); in the Y-direction
(vertical, or elevation, positive up) the spring stiffness was equal to the ver-
tical deflection of the east end of unit III under an applied load of 1 kip,

with unit III assumed to act as a propped cantilever fixed at pier 406. In a

like manner the X-direction (transverse, positive north) spring stiffness was

calculated from the application of a transverse 1-kip (4.45 kN) load to the

propped cantilever structure defined above. The elastic stiffness of the
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supports at the base of the shoring towers were the same as for Case I

(table 5.2).

For simplification of the model, the box girder "U"-section was attached to the
crossbeams by means of short (0.1 ft (0.03 m)), stiff connecting members which
simulated the manner in which load was carried via bearing, down through the

W36 stringer to the W24 crossbeams. Because in the actual structure no tensile
vertical forces (generated by uplift of the box girder) can be supported by
the stringers and crossbeams a no-tensile force criterion was employed for the
connecting members between the box girder and the crossbeams.

As with the Case I analysis, the joints between the shoring tower frames were
assumed to provide translational, but not rotational restraint. The loading
configuration for Case II (as shown in figures 5.3 and 5.9) consists of two
components: that carried directly by the box girder "U"-section, and that
transferred to the outer stringers by the exterior shoring posts. These latter
loads are subsequently applied to their respective crossbeam reaction points
as concentrated forces. The former are applied as line loads to the webs and
centerline of the bottom flange of the hardened box girder.

The superposition of the member forces and deflections calculated for Case I

and Case II above will yield the structural forces in the falsework system
supporting unit IV.

5.4 RESULTS

The force distribution in the falsework system of unit IV was calculated via
superposition of the Case I (first casting plus the self weight of the shoring
towers) and the Case II (second casting) loadings described in the preceding
sections. For this analysis all concrete pads are assumed to be uncracked and

all other components of the falsework system retained their structural
integrity.

5.4.1 Support Reactions

Table 5.3 lists the support reactions for the towers at 407.1, 407.2 and 408.

Two important conclusions can be drawn from these data. First, the towers at

407.2 carry nearly 50 percent more load than the towers at 407.1 and 408. The

majority of this difference is introduced during the casting of the box girder

deck (Case II). It can also be seen that for each shoring tower system (407.1,

407.2, and 408.) the easternmost set of legs (E,F,G,H) carries more load than

the western set (A,B,C,D). From this analysis it can be seen that the two most

heavily loaded supports were legs F and G of the towers at 407.2, each carrying

a load of 90 kips (400 kN) . The construction joint with unit III is shown to

carry a vertical load of 81 kips (360 kN) , which is well below its capacity

based upon the specified concrete strength.
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5.4.2 Crossbeam and Stringer Reactions

Figure 5.11 shows the stringer and crossbeam reactions at the 407.2-towers.
The greatest stringer reactions occur at beams beneath the box girder web.
Stringers S2 and S4 on the west side of the 407.2-towers (span 7.2) each trans-
fer a load of 117 kips (516 kN) to crossbeam CD 7.2. The greatest crossbeam
reactions (loads tranferred to the U-heads) were 86 kips (378 kN) and occurred
at the U-heads for tower legs B and C. The slightly higher stringer and cross-
beam reactions on the A-B-C-D side of the towers resulted from the Case II

(continuous box girder) analysis during which the horizontal forces developed
from the crossbeam rotation gave rise to greater support deflections on the
E-F-G-H side, and hence a slight unloading of the stringers supported by CU
7.2.

5.4.3 Truss Brace Loads

Truss braces are those bracing elements lying in the east-west (longitudinal)
vertical plane which were bolted into place at the time the tower units were
assembled. These are to be distinguished from the frame braces which were
shop welded to the tower legs and were oriented in the north-south (transverse)
vertical plane. Frame and truss brace designations for the towers at 407.2
and defined in figures 5.5 through 5.8.

Because of the strength of the welded connections, the greater cross sectional
area of the frame braces, and the relatively small forces set up in the north-
south vertical planes, the welded frame braces (usually 2 x 2-in (51 x 51-mm)
square tubing) are not of particular concern to the failure analyses of unit
IV. The truss braces, however, are of considerable interest. Due to the

horizontal forces induced at the tops of the shoring towers, significant forces
are set up in the truss braces. These forces are further increased by any dif-
ferential settlement which may occur at the tower supports, either through soil
settlement or cracking of a concrete pad. The test results detailed in chapter
4 indicate low buckling loads for the diagonal truss braces (between 5.3 and

7.1 kips (24 to 32 kN)) and tensile failure loads between 12.3 and 13.3 kips

(55 kN and 59 kN).

Fig. 5.12 gives the truss brace forces for the intact towers at 407.2. As

previously pointed out, in the discussion of the support reactions, the towers
at 407.2 carry substantially higher loads than the towers at 407.1 and at 408.

The truss brace forces for these latter towers are thus considerably smaller

than those for the 407.2-towers. Thus, and truss brace forces for the towers

at 407.1 and 408 are not presented here.

Figure 5.12 depicts the truss brace forces for the towers at 407.2. From this

figure, it is seen that the inner truss panels (FB, GC) are slightly more
heavily loaded. The maximum values in tension are 5.6 kips (25 kN) for brace
72EA2 and 5.5 kips (24 kN) for braces 72FB2 and 72GC2. The maximum values in

compression are -5.4 kips (-24 kN) for braces 72FB9 and 72GC9.



5.5 SUMMARY

Because of the two-stage construction method, it was necessary to develop a

series of analytical models which would accurately reproduce the response of
unit IV and its supporting structure under various states of loading. Further-
more, the three-dimensional nature of the problem, and the structural interac-
tion of widely separated components, required a three-dimensional analysis.

Two cases were analyzed and their results superimposed to obtain the member
forces and support reactions:

Case I: The shoring towers are modeled as independent units with support
stiffnesses derived from the full-scale field tests of concrete pads. Since
the falsework assembly tests revealed that significant horizontal loads were
transmitted to the U-heads, this force was included in the tower models via a

discrete mechanical linkage model. The vertical stringer-to-crossbeam reac-
tions were calculated on the basis of tributary area considerations and equi-
librium analyses for all loads acting above the crossbeams at the time of the
casting of the bottom flange and web sections of the concrete box girder. The
self weight of shoring tower components were also included in this analysis.

Case II: At the time of the casting of the box-girder deck, the majority of

the additional load applied to the structure was carried by the hardened "U"-
section of the box girder rather than by the stringers. This comprises a dis-
tinctly different structural system than that defined in Case I. The hardened
"U"-section of the box girder formed a continuous member over the towers at

407.1, 407.2, and 408, and it was physically joined to unit III by means of a

construction joint. To analyze this case, the box girder was modeled using
overlapping plate bending and membrane finite elements which were linked to the

Case I model. The construction joint support to unit IV was modeled as a

series of translational spring restraints based on the calculated stiffness of

unit III.

The analysis indicated that the towers at 407.2 were the most critically loaded
substructures in unit IV. Support reactions of 90 kips (400 kN) were calcu-

lated at legs F and G. The maximum stringer bearing reaction was found to be

117 kips (516 kN) for stringers S2 and S4 resting on crossbeam CD 7.2. The

maximum load transferred to the U-head was 86 kips (378 kN) for tower legs B

and C. The maximum truss brace forces were 5.6 kips (25 kN) in tension at

brace 72EA2 and -5.4 kips (-24 kN) in compression at braces 72FB9 and 72GC9.

In the next chapter the loads computed above will be compared to the structural

capacities of the various falsework components.
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Table 5.1 Tower Member Properties

Member

Nominal Dimensions

(inches)

Area

^ (in 2
) Ix - I

y
(in

4
)

Main compression
legs

6 x 6 x 0.25

(square tube)

5.54 29.9

Frame braces 2x2x0.11
(square tube)

0.832 0.497

Extra frame
bracing (optional)

1.25 O.D., 1.03 I.D.,

(round tube)

0.394 .065

Truss braces 2.5 O.D., 2.31 I.D.
(round tube) 0.718 —

Upper and lower
screw jack legs

2.91 O.D. (solid) 6.61 3.47

1 in = 25.4 mm

Table 5.2 Support Stiffnesses for Unit IV (kips/inch)

Leg Tower 407.1 Tower 407.2 Tower 408.

A 115. 115. 95.

B 115. 115. 95.

C 115. 115. 95.

D 115. 115. 95.

E 115. 115. 95.

F 115. 115. 95.

G 115. 115. 95.

H 115. 115. 95.

1 kip/inch = 0.175 kN/mm
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Table 5.3 Unit IV Vertical Support Reactions Immediately Prior
to Collapse (Units Kips)

Tower
Leg

Case IA
(First Cast)

Case IB
(Deadload)

Case II

(Second Cast)
Total

Reaction

407.1 A 22.07 1.80 18.99 43
B 22.11 1.76 18.89 43

C 22.18 1.71 19.01 43

D 21.7 1.67 19.01 42

E 43.79 1.8 21.91 68

F 43.87 1.76 21.76 67

G 44.38 1.70 21.99 68
H 43.66 1.66 22.13 67-

E 441.

407.2 A 31.83 1.83 33.25 67

B 36.59 1.83 31.87 70

C 36.72 1.84 31.85 70

D 32.01 1.84 33.16 67

E 48.68 1.83 35.69 86

F 53.55 1.83 34.41 90

G 53.63 1.83 34.29 90

H 48.43 1.83 33.46 86

E 626.

408. A 29.35 2.04 20.61 52

B 33.96 2.03 15.65 52

C 34.25 2.0 15.61 52

D 29.41 1.98 20.74 52

E 48.1 2.02 13.90 64

F 52.73 2.01 8.06 63

G 52.71 1.99 7.95 63

H 47.89 1.98 13.98 64

E 462.

Unit III

Construction
Joint

0 . 0 . 82 82

Total Load 1611
Unit IV kips.

1 kip = 4.45 kN
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Tower 407-2

® © ® ®

Figure 5.5 Member designations and finite element model of west frames,
towers at 407.2
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Tower 407-2
Frame Members

Figure 5.6 Member designations and finite element model of east frames
towers at 407.2
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Tower 407-2

Truss Members

Figure 5.8 Finite element truss brace designations for towers at 407.2,
panels FB and EA

1
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Tower 407-2

Truss Members

Figure 5.8 Finite element truss brace designations for towers at 407.2,
panels HD and GC
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6. INTERPRETATION OF TESTS, ANALYSES AND OBSERVATIONS

6.1 INTRODUCTION

This chapter evaluates the results of tests of the falsework components and
assemblies at the NBS laboratories, the results of the load tests at the site,
the results of the structural analysis, and observations made during the field
and laboratory investigations. In addition, the estimated load capacity for

each of the falsework components is presented for the purpose of determining
the likely cause of the collapse.

Section 6.2 compares the capacities of individual components of the falsework
system with the loads believed to be acting at the time of the collapse.
The most likely triggering mechanism of the collapse is identified.

Section 6.3 explains, by means of further structural analyses, how the
triggering failure caused other components to fail, and how this led to a

collapse sequence that is consistent with the observations made in chapter 3.

The likely causes of the unit-V collapse are also discussed.

The findings and conclusions of this chapter are summarized in Section 6.4.

6.2 CAPACITY EVALUATION OF FALSEWORK COMPONENTS

This section evaluates the load capacity of individual components of the

falsework system between the 4x6 (3.5 x 5.5-in, 90 x 140-mm) joists which
supported the plywood formwork (see figure 3.9) and the soil which supported
the concrete pads (see figure 3.2). Each load capacity is compared with mem-
ber forces or stresses produced by the applied loads described in chapter 5.

In the absence of any nationally accepted design standard for falsework in

bridge construction, the provisions of the AISC Specification [6.1] are

used to compute the capacity of steel members for which experimental results
are not available.

6.2.1 Stringers

As shown in figure 3.14, there were five 36-in (910-mm) deep stringers in
each span between piers 407 and 408. The cross-sectional dimensions of these
beams are shown in table 3.2. Based on field measurements, it was concluded
that the stringers in spans 7.1 and 8.0 match closely the specified W36 x 194

section, while those in span 7.2 were probably W36 x 260 sections.

Based on a nominal yield strength of 36 ksi (250 MPa), the allowable bending
moment and the web crippling capacity for a W36 x 194 section are, according
to the AISC Specification, 1195 kip-ft (1620 kN-ra) and 230 kips (1023 kN)

,

respectively. The same quantities for a W36 x 260 section are 2232 kip-ft
(3027 kN-m) and 279 kips (1241 kN)

,
respectively. The maximum moment at the

mid span of the stringers occurred during the Case I loading (section 5.3.1)

and had a value of 626 kip-ft (849 kN-m) for both wide flange sections. The
maximum stringer reactions occurred over the towers at 407.2 during loading
Case I plus loading Case II and had values of 90 kips (400 kN) for the
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W36 x 194 section and 117 kips (521 kN) for the W36 x 260 section (see fig.
5.11). These two different reactions result from the continuity of the con-
crete box girder over the two supports provided by the shoring towers. When
these moment and reaction values due to construction loads are compared with
the AISC allowable values of the two stringer cross sections, it is found that
the allowable strength values exceed the maximum applied moment and reactions
by large margins. The shear capacities of the webs were also computed and they
were found to be far in excess of the shear resulting from the applied loads.

Based on the above comparisons, it is concluded that the stringers had adequate
capacity to support the applied loads and they did not initiate the collapse.

6.2.2 Crossbeams

Based on field measurements of the cross-sectional dimensions of the crossbeams,
it was concluded that those used in unit IV were W24 x 68 sections. Because the

distances between the stringer loads and the U-head reaction points are rela-
tively small compared to the depth of the beam (see figure 3.9), the bending
moments resulting from the applied loads are small and do not control the cross-
beam capacity. Thus, the capacities of the crossbeams are checked for shear,
web crippling and vertical web buckling.

Using a nominal yield strength of 36 ksi (350 MPa), the AISC allowable shear
capacity of a W24 x 68 section is 135 kips (600 kN) . This value is substan-
tially greater than maximum shear of 59 kips (260 kN) occurring between stringer
S2 of span 8.0 and the U-head reaction at leg A as shown in figure 5.11.

In accordance with the AISC Specification, the maximum concentrated load that

a W24 x 68 section can support without crippling of the web due to a localized
force is 276 kips (1230 kN) . This capacity is about 2.34 times the maximum
stringer reaction of 117 kips (521 kN) (see figure 5.11).

The AISC specification does not cover the elastic buckling of the web due to

vertical loading. Thus, the web buckling capacity was computed using the equa-

tions given in reference 6.2. Elastic buckling loads based on (1) free rotation
of the flange about the longitudinal axis and on (2) restraint of the flange

from rotating are 166 kips (740 kN) and 243 kips (1080 kN) , respectively. The

expected vertical buckling capacity lies in between these two values. With a

maximum stringer reaction of 117 kips (521 kN) , vertical buckling of the web

would not have occurred due to the applied loads.

Thus, it is concluded that the crossbeams did not initiate the collapse.

6.2.3 U-Iieads

As described in section 3.3.2 and illustrated in figure 3.8, a U-head has

several components. A 2 x 3-in (51 x 66-mm) steel block which supports the

pivoting head is welded to a 5/8-in (16-mm) thick circular plate, which is in

turn welded to a 3-in (76-mra) diameter threaded bar. It was noted in the field

investigation that at 407.1, 407.2 and 408 the U-heads had broken off at the

weld connections of the circular plate. Thus, the strength of these welded

connections appeared to have controlled the strength of the U—heads.
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Because there were variations in the sizes and quality of the screw jack welds,
it was not possible to predict the expected capacities of the U-heads used in
the towers at 407.2. The sizes of the welds measured on the cross-sections used
for metallographic analysis showed that in most cases they were either about
equal to or somewhat less than 1/4 in (6.4 mm). The minimum size of fillet
welds required by the American Welding Society Specification [6.3] for a 5/8-in
(16-mm) thick plate is 1/4 in (6.4 mm).

As explained in section 4.4 (figures 4.27 and 4.30), in the falsework assembly
tests the screw jacks experienced tensile strains only at low vertical loads.

As the vertical load increased on the crossbeam, the tensile strains dis-
appeared. The cross-section of the threaded bar remained in compression up to

the maximum load. Furthermore, at the maximum load the relative displacement
between the top and bottom flanges of the crossbeam was small, less than 1/2 in

(12 mm). The maximum vertical loads (135 kips (600 kN) in test #2 and 120 kips
(534 kN) in test // 1 ) coincided with the onset of extensive yielding in the web
of the crossbeam. These maximum loads are less than the elastic buckling
strength of the crossbeam web noted in section 6.2.2. In the tests, the web
was subjected to axial load plus out-of-plane bending moment, and the maximum
load was attained when stresses due to the combined loading reached the yield
strength.

The maximum loads in the falsework assembly tests are greater than the maximum
computed load of 86 kips (383 kN) on the U-heads at legs B and C (see figure
5.11). The failure of the falsework assembly was governed by the strength of

the crossbeam rather than by the strength of the U-head. This observation
suggests that U-heads would not have failed under the applied loads. Thus, it

is unlikely that a U-head failure initiated the collapse of unit IV.

6.2.4 Shoring Towers

For a tower with four legs consisting of square tubes of 6 x 6 x 1/4-in (150 x

150 x 6.4 mm) cross section, the compressive yield load is 1118 kips (4975 kN)

or 280 kips (1240 kN) per leg based on the specified yield strength of 50 ksi

(345 MPa) which is given in the shore tower manufacturer’s data sheet. The
AISC allowable load is 150 kips (667 kN) per leg. If the whole tower is treated
as a pinned column, the critical elastic buckling load is much greater than the

yield load. Therefore, the tower would not fail by elastic buckling as a column.

In actual load tests reported by the manufacturer for 13-ft (4-m) shoring tower
frames, failure occurred by local buckling of a tubular leg at stress values
above the specified yield strength of 50 ksi (3^5 MPa). The maximum test loads
were 324 kips (1440 kN) and 295 kips (1312 kN) per leg. These values are higher
than the yield load of 280 kips (1246 kN) for a tube section having the speci-
fied yield strength of 50 ksi. The experimental capacities are also comparable
to the elastic local buckling solution of 282 kips (1255 kN) according to refer-
ence 6.3. Therefore, for the maximum tower leg reaction of 90 kips (400 kN)

indicated by the structural analysis, it is reasonable to conclude that the

collapse was not initiated by local buckling of a tower leg or by column
buckling of an entire tower.
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Although the tower legs had adequate strength, it is possible that the truss
braces could have failed thereby weakening a tower as a whole. To establish
the capacity of the braces, six members similar to those used in the towers at
407.2 were tested (see section 4.5). For the three 12-ft (3.7-m) long
bracing members that were tested in compression, the maximum load ranged from
5.3 kips (23.6 kN) to 7.1 kips (31.6 kN) depending upon the wall thickness and
condition of the tubes. The average maximum load was 6.3 kips (28 kN). For
the braces tested in tension, the capacity was governed either by end-bearing
failure through the wall of the tubes or by shear failure of a bolt fasten-
ing the braces to the tower legs. The average failure load for bearing fail-
ure was 12.8 kips (57 kN) and the average failure load for bolt shearing was
17 . 5 kips (78 kN)

.

When the magnitudes of the computed forces in the bracing members are compared
with the average strengths, both in tension and compression, it is found that
the forces are less than these strengths (see fig. 5.12). However, the com-
puted compressive forces in some of the diagonal members in trusses BF and CG
at 407.2 were either equal to or slightly greater than the lowest compressive
test value of 5.3 kips (23.6 kN). It should be noted that this low value was
attributed to corrosion in a confined area of the tube rather than to an over-
all small cross-sectional area. In order to examine the consequences of a

possible failure of these highly loaded diagonal members, an analysis was made
for the Case II loading with these members removed. The results showed that
force redistribution took place and the overall stability of the tower was not
affected by the removal of the diagonals. Since in the real structure members
would not immediately lose their load carrying capacity upon reaching their
buckling loads, the analysis with the diagonal members removed represents a

severe condition. Thus, it is unlikely that bracing members failed in tension,

and it is unlikely that any diagonal members which might have buckled would
have triggered the collapse of the falsework at 407.2.

6.2.5 Sand Boxes

Load tests were performed on wood sand boxes obtained from the site in order to

determine their capacity in transferring load from the lower screw jacks of the

towers to the concrete pads. Field observations indicate that slag was used as

the filler material for the wood sand boxes at tower locations 407.1, 407.2 and

408. The tests using slag as filler material showed that a load of 160 kips

(712 kN) could be maintained without bursting the boxes. Based on this obser-

vation, it is concluded that the collapse was not initiated by the failure of a

sand box.

6.2.6 Concrete Pads

In the field investigation, it was noted that many concrete pads which supported

the individual tower legs had cracked. For some of these cracked pads, it was

not certain whether the cracks were caused by the impact of falling objects or

by excessive loads in the tower legs prior to the collapse.

In order to determine the capacity of the pads, full-scale load tests were

carried out at the site, as described in section 4.6.
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The capacity of a concrete pad in resisting a centrally applied concentrated
load depends not only on the strength of the concrete, the size of the pad, and
the amount of reinforcement in the pad, but it also depends on the contact
pressure distribution between the underside of pad and the soil. Sheet 344

of the structural drawings specified 10 x 10-in (250 x 250-mm) mesh in the
concrete pads, but it did not specify where the mesh should have been placed
nor did it specify the required concrete compressive strength. Some of the

cores taken from the pads taken at 407.2 contained 0.2-in (5-mm) diameter wire,
but the location of the wire in the cores varied randomly as shown in table 4.6.

However, this small amount of reinforcement would not affect the bending capac-
ity of the pads and they can be considered as being plain concrete. By treat-
ing the pads as plain concrete footings with a uniform soil pressure, the thick-
ness of the pads, according to the ACI-318 Standard [6.6], should have been at

least 21 in (530 mm), for an assumed 4000-psi (28-Mpa) concrete, instead of 12

in (300 mm) as specified in the drawings.

At the present time, no guidelines are available in the literature to
accurately estimate the contact pressure distribution beneath a pad. However,
the conservative approach presented in reference 6.4 for the contact pressure
distribution and a simple yield line analysis can be used to estimate the pad
capacity. Thus, neglecting the small amount of welded wire-fabric reinforce-
ment in the pad, a simple expression for the pad capacity, P, is obtained:

P = 1.25 f
r

h
2

(6.1)

where f r is the modulus of rupture of the concrete and h is the thickness of

the pad. Figure 6.1 shows the results of the full-scale load tests. The
ordinate is the observed cracking load of the pad (table 4.4) and the abscissa
is f • h . The modulus of rupture was estimated from the average compressive

strength, f c , of the cores taken from the tested pads (table 4.5) using the
accepted expression f r =7.5 /f c [6.6]. The pad thickness, h, is based on the

average length of the untrimmed cores. Also shown, figure 6.1 is the line
representing eq. (6.1), which coincides with the regression line fitted through
the origin, excluding the data points 1-2 and 1-1. It is seen the theoretical
expression (eq. 6.1) represents the experimental values reasonably well, the
residual standard deviation of the line is 22 kips (98 kN) . The concrete pads

used for the full-scale load tests were previously used to support shoring
towers in other portions of the ramp and some were impacted by falling debris
during the collapse. Thus, some of the pads could have suffered internal
damage which was not discernible. It is believed that the lower than expected

strength of pads 1-1 and 1-2 can be attributed to previous damage of the pads.

The values of f r x h for pads A through H of the towers at 407.2 are plotted
on the abscissa of figure 6.1. These values are computed based on the average
strengths and untrimmed lengths of the cores reported in table 4.6. Although
the actual strength of the individual pads could deviate from the straight line

P = 1.25 f h , this line is an available means to estimate the expected pad

cracking strength. For example, the expected strength for pad F is 94 kips

(418 kN) and for pad E it is 109 kips (485 kN) . From this figure and the tower
leg reactions shown in figure 5.11, it can be concluded that any of pads E, F,

G, and H could have been a candidate for cracking when the possible scatter of
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actual strength values about the prediction line is taken into consideration.
The structural analysis showed that pads F and G at 407.2 were the most heavily
loaded pads, each carrying 90 kips (400 kN) . As indicated above, the expected
capacity of pad F is 94 kips (418 kN), and figure 6.1 indicates that the
expected capacity of pad G is about 100 kips (445 kN). Thus, it is reasonable
to conclude that one of the pads E through H cracked, with pad F having the
highest likelihood of being the first to crack.

The field investigation revealed that at the time of collapse, no additional
concrete was being placed and one would thus conclude that no additional load
was being transmitted to the concrete pads. In the full-scale load test, many
of the pads cracked during the holding period, when the load level was held
constant. This evidence supports the notion that one of the pads could have
cracked at a time when no additional load was being placed on the structure.

Cracking of a pad does not, in itself, explain why unit IV collapsed. It only
provides a triggering mechanism. The next section investigates the conse-
quences of this initial cracking and explains how it could have led to the
collapse

.

6.3 FAILURE MODE ANALYSES

This section presents the sequential failures of the falsework components which
could have occurred subsequent to the likely cracking of pad F at 407.2 and
which led to the collapse of unit IV. Probable reasons for the collapse of

unit V are also given.

6.3.1 Likely Failure Mode of Unit IV

While pads E, F, G, and H are all potential candidates for cracking under the

applied loads, the comparison of the analytical results and the computed
strength of the pads shows that pad F had the highest probability of being the

first to have cracked under the loads present at the time of the collapse. The

remainder of this section traces through the sequence of events which would have

followed the cracking of pad F and which led to the total collapse of unit IV.

Had one of the other pads been the first to crack a similar sequence would
likely have developed.

The load-settlement measurements observed during the field tests showed that

when the pads failed, the bottom screw jack dropped instantly an average value
of about 0.4 in (10 mm). The actual settlements of eight tests ranged from
0.14 in (10 mm) to 0.72 in (18.3 mm) (see table 4.4). The structure-falsework
system was reanalyzed with 0.4-in settlement applied at leg F. The results

are shown in figures 6.2 and 6.3. As a result of the 0.4-in settlement of leg

F, the reaction at leg E increased from 86 kips (383 kN) to 101 kips (450 kN)

and the reaction at leg G increased from 90 kips (400 kN) to 97 kips (432 kN)

.

These increases in reactions placed pads E and G as the next likely candidates

for cracking. In addition, the settlement of leg F caused the force in the

diagonal 72EA4 to increase from 4.86 kips (21.6 kN) to 9.09 (40.5 kN) which is

greater than the average experimental buckling load of 6.3 kips (28.0 kN)

.
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The sequence of failure after pad F cracks is uncertain. Although there is a

somewhat higher probability that pad G would crack before pad E, analysis has
shown that if pad G cracks additional load is transferred to pad H increasing
its total reaction to 101 kips (450 kN) . This further increases the likelihood
of additional pad cracking along the line of pads E through H. Once any two

pads along one side of a tower, such as E and F or H and G, have cracked the

top of the tower translation becomes quite large. The consequences of this
translation are discussed later in this section. However, the physical evi-
dence shows that the failure of unit IV initiated on the north side of the

ramp. Hence, it is assumed that pad E would crack subsequent to the cracking
of pad F, since this is most consistent with the observed data relating to the
collapse

.

An additional analysis of the structure-falsework system was performed with
the following two modifications to the computer model. First, the linear-
elastic diagonal member 72EA4 was replaced with an elasto-plastic member with
its maximum load remaining constant at a value of 6.3 kips, the assumed buck-
ling load based on the NBS tests. Second, a 0.4 in drop of leg E was intro-
duced to represent the settlement of the leg due to the cracking of pad E.

The results of the analysis are shown in figures 6.4 and 6.5. It is seen from
these figures that only the reaction of pad A changed substantially, from 75

kips (334 kN) to 91 kips (405 kN). Other reactions as well as the forces in

the bracing members did not change significantly. The main reason for this is

that the total load supported by the towers at 407.2 decreased as a result of

the pad failures, and the load on the towers at 407.1 increased. The load
transfer results from the continuity of the U-section over the supports at

407.2.

Due to the cracking of pads E and F and the buckling of diagonal 72EA4, the

analysis indicated that the tops of the towers translated eastward along the

longitudinal axis of the ramp. Figure 6.6. shows the estimated positions of

the tops of towers at 407.1, 407.2, and 408. The figure shows that the tops

of the towers at 407.2 translated longitudinally more than those at 407.1 and

at 408. It also shows that at 407.2 the top of the north tower translated
longitudinally more than that of the south tower, about 2 in (56 mm) vs.
1.2 in (30 mm)

.

When the tops of the towers translated longitudinally, the bottom flanges of

the crossbeams would have translated with the tops of the tower since they were

held in the U-heads while the top flanges of the crossbeams would have been
held fixed by the friction between the crossbeams and the stringers. As the

bottom flange of a crossbeam translates with respect to the top flange, there
is a tendency for the deformed shape of the web to change as illustrated in

figure 6.7. In this schematic figure, position 1 depicts the initial deformed
shape of the web which would have resulted from the absence of the wedges
between the top of the crossbeam and the bottom of the stringers which had a

An additional analysis with the buckled member being removed did not change

the forces in the frame or acting on the pads appreciably.
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3.57 percent slope. A similar deformed shape of the web was also observed
in the NBS laboratory tests (see figure 4.29). As the top of the tower moved
toward the east, the bottom flanges of the crossbeams followed it; and the
deformed shapes of the crossbeams would have progressively changed as shown by
positions 2, 3, and 4. As illustrated in the figure, while the bottom flange
translates, it also rotates and the curvature of the web changes. As a result,
the direction of the bending moment on the U-heads also would have changed.
The NBS falsework assembly tests did not show this change in curvature of the
crossbeam web because the test setup was intended to investigate only the

effects on the U-heads when wedges were not used between the stringer and cross-
beam. While the bottom of the crossbeam translated in the tests, the rigidity
of the test configuration did not allow the web of the crossbeam to change its

curvature during the translation.

As has been described in section 4.3, the quality of the welds used to fabricate
the U-heads at 407.2 was poor and some of them would not have met the minimum
weld size requirement in the AWS specification. Therefore, it is possible that

the U-heads could have failed if the applied loads produced tensile stresses on
the screw jack. A finite element analysis of the crossbeam was performed in
which the translations of the tops of the towers at 407.2 were introduced as

relative displacements between the top and bottom flanges. The results showed
that bending moments would have developed at the U-heads which produce tensile
stresses on the east side of the screw jacks. Appendix C describes the finite
element model used for this analysis and presents the resulting deflected shapes
of the crossbeam. Figure 4.21 clearly shows that the weld on the east side of

the rectangular block fractured. Figures 4.20 and 4.21 reveal compressive
yielding on the west side of screw jacks B and C, which indicates the direction
of failure of the top of the U-heads. This mode of failure is consistent with
the analytical prediction. Figure 6.8 is presented as further evidence to con-
firm this behavior. The photograph shows the U-head at leg D of the south tower

at pier 406. It is evident that the top of the U-head is bent toward the west.
Failure probably did not occur in this case because the weld quality was suffi-

cient to resist the tensile stresses.

While it is difficult to pinpoint which one of the U-heads at 407.2 failed
first, the physical evidence described in chapter 3 points to the U-heads

which supported crossbeam CD7.2 (west side). The physical evidence further
indicates that the U-heads at tower legs A and B most likely failed first and

were followed by failure of those at legs C and D. The observed locations of

the failed U-heads and the crossbeams disclose the likely sequence of failure.

As described in chapter 3, the U-heads for tower legs A, B, C, and D at 407.2

were found near the base of the towers (see fig. 3.22), whereas the U-heads

for legs E, G, and H were found between 407.2 and 408. The U-head for leg F

was found in a pile of debris away from the collapse zone. The locations

where the U-heads were found suggest that the U-heads at legs A, B, C, and D

fractured first and fell directly downward, whereas the U-heads at legs E, F,

G, and H fell with the tops of the towers toward pier 408. The position of

crossbeam CD7.2 shown in figure 3.18 suggests that the north end of the cross-

beam fell first and stringers SI and S2 in span 7.2 lost their support. The

downward motion of the falling stringers could have pushed the north end of

crossbeam CD7.2 toward 407.1. An eyewitness account presented in section 3.3.2
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confirms that the stringers on the north side of the ramp went down first and
their collapse propagated to the south.

When crossbeam CD7.2 lost support, all loads at 407.2 were transferred to

crossbeam CU7.2. With the east side of the towers being loaded heavily, the
towers became unstable and collapsed in a "jackknife" mode as illustrated in

figure 3.23. As a consequence of this failure mode for the towers, crossbeam
CU7.2 and the U-heads which supported CU7.2 fell towards pier 408. Indeed,

they were found near pier 408.

Based on the above discussion, it is concluded that the collapse of unit IV

was most likely Initiated by the cracking of concrete pads at location 407.2.
The analysis of the expected strengths of the pads suggests that pad F would
likely have cracked first. As a consequence of pad cracking and because there
was no positive support against translation of the tops of the towers, there
was an increase in the longitudinal displacement of the tops of the towers
toward the east. The only restraint to this displacement was provided by the

lateral stiffness of the crossbeam web. With the lateral translation of the

bottom of the crossbeams, high bending moments were induced in the U-heads sup-
porting crossbeam CD 7.2. Due to their poor quality, the U-head welds frac-
tured and crossbeam CD 7.2 fell. The loads at 407.2 were then transferred to

crossbeam CU7.2, and both towers at 407.2 became unstable and folded, at which
time the concrete box girder fractured and the collapse of the entire unit IV

ensued

.

6.3.2 Likely Failure Mode of Unit V

As noted in section 3.3.2, according to eyewitness accounts, unit V collapsed
approximately 5 minutes after unit IV collapsed. Although an exact sequence of

events for the collapse of unit V is difficult to reconstruct, its failure is

not difficult to understand when it is realized that the falsework system was
not tied together adequately as a unit and no positive stabilizing system was

provided

.

As a consequence of the failure of unit IV and the collapse of the shoring
towers at 408, unit V would have become unstable since there were no positive
means of providing longitudinal stability to the unit. As discussed in chapter

3, the external guying system which would have provided stability of the towers

in the longitudinal direction was replaced with wire rope X-bracing in the

transverse plane of the towers. The X-bracing would be effective in the trans-
verse direction but it would not provide stability in the longitudinal direc-
tion. Furthermore, the absence of positive connections between the stringers
and the crossbeams as well as the lack of a positive connection to pier 409
as called for in the structural drawings made the entire falsework system of

unit V vulnerable to longitudinal movements along the axis of the ramp. It is

believed that when unit IV collapsed, the stringers which supported the west
end of unit V also fell or were left dangling without support at 408. This in

turn would have damaged the shoring towers at 408.1 and left unit V in a

teetering condition. Finally, when this tower became unstable, failure of unit

V propagated in a domino fashion toward the east as the falling stringers struck

the remaining towers.
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6 . 4 SUMMARY

The following are the major points resulting from considerations of the
laboratory and field tests, of the analyses of the structure-falsework system
and of the field observations of the collapse.

1. The loads calculated to have been imposed on the steel stringers were less
than the allowable loads of the AISC Specification. It is concluded that
the collapse was not initiated by failure of the stringers.

2. The loads calculated to have been imposed on the crossbeams were less than
the allowable loads according to the AISC Specification. It is concluded
that the collapse was not initiated by failure of the crossbeams.

3. Metallographic examination of portions of screw jacks from 407.2 showed
that the size of the welds varied and that the weld quality was poor.
The falsework assembly tests, however, showed that unless a large relative
displacement develops between the top and bottom flanges of the crossbeam
little or no tension develops in the threaded bar of the screw jack.
Because of the lack of tensile stresses under the loading which existed
prior to the initiation of the collapse, it is concluded that the collapse
was not triggered by a failure of the U-heads.

4. The elastic buckling strength of the tower as a whole as well as the local
buckling strength of individual tower legs exceed the computed loads. It

is concluded that the collapse was not initiated by local buckling of a

tower leg nor by the elastic buckling of an entire tower.

5. Load tests on the sand boxes obtained from the field revealed that they
had adequate strength to support the tower leg loads. Thus, it is

concluded the collapse was not initiated by the failure of a sand box.

6. The concrete pads did not have an adequate margin of safety to support the
applied loads. According to the ACI-318 Standard and for a 4000-psi
(27.6-MPa) concrete, the thickness of the pads should have been at least
21 in (530 mm) instead of 12 in (305 mm) as specified in the structural
drawings

.

7. Comparison of the computed loads with the expected strengths of the

concrete pads indicated that pads E through H could have been possible
candidates for failure. Based on the analysis of the data, it is concluded
that pad F most likely failed first and initiated the collapse of unit IV.

8. The following deficiencies contributed directly to the collapse of unit IV:

1) the omission of specified wedges between stringers and crossbeams; 2) the

concrete pads had an inadequate margin of safety to resist the expected
loads; 3) the tops of the shoring towers were not adequately stabilized

against longitudinal movement; and 4) the weld quality in the U-heads was
poor

.
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9. The following additional deficiencies contributed to the collapse of unit
V: 1) specified one-inch bolts were not provided for connecting cross-
beams to stringers and to overlap beams; 2) the special overlap beams at
the piers were not constructed as specified; and 3) the construction
sequence deviated from the specified sequence.
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Figure 6.1 Cracking loads of concrete pads in field

tests vs. (fr x h2 )
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Figure 6.7 Schematic representation of the change in the deformed shape of
the crossbeam web as the bottom flange translates eastward
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7. CONCLUSIONS

Following the collapse of Ramp C of the Riley Road Interchange in East Chicago,
Indiana while under construction, the National Bureau of Standards (NBS) was
requested by the Occupational Safety and Health Administration to carry out an
investigation to determine the most likely cause of the collapse. In response
to this request, the NBS carried out an extensive field investigation and com-
prehensive laboratory tests of falsework components and concrete specimens.
The investigation was supported by structural analyses of the ramp structure-
falsework system under the loading conditions believed to have existed at the
time of collapse.

\ •

Based on evaluations of field observations, of the test results, and of the
analytical results, the following specific conclusions are drawn from this
investigation:

1. The collapse of unit IV was initiated by a failure in the falsework
system at shoring tower location 407.2. This conclusion is supported by
the following observations:

a. The collapsed locations of key falsework components indicated that
the failure most likely initiated at 407.2.

b. The accounts of eyewitnesses who were near 407.2 at the time of the
failure indicated that the failure started in this vicinity.

c. The analytical investigation indicated that the falsework at 407.2
was more heavily loaded than that at 407.1 or at 408.

2. The collapse was most likely initiated by the failure of a concrete pad
supporting a shoring tower leg at 407.2. This conclusion is supported by
the following observations:

a. The concrete pads specified in the structural drawings did not have
an adequate margin of safety for the expected loads.

b. Any of the pads on the east side at 407.2 could have been likely
candidates for failure based on the estimated loads derived from
the structural analysis and on their expected strengths derived from
tests

.

c. Although the U-head welds were variable in size and of poor quality,

the loading conditions existing prior to the initiation of the

collapse would not have produced a failure of the U-heads.

d. All falsework components at 407.2 except for the concrete pads had

adequate capacity to resist the applied loads.

3. Several deficiencies contributed to the collapse of unit IV. Had any of

these deficiencies not existed, it is unlikely that the collapse would

have occurred. They were as follows:
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a. Specified wedges were not used between the stringers and crossbeams to

accommodate for the slope of the ramp.

b. The concrete pads did not have an adequate margin of safety for the
expected loads.

c. The tops of the shoring towers were not adequately stabilized against
translation in the longitudinal direction of the ramp.

d. The welds in the U-heads used at the towers at 407.2 were of poor
quality.

4. The collapse of unit V occurred about 5 minutes after the collapse of
unit IV. Unit IV collapsed suddenly and without warning, but unit V
collapsed in a more gradual "domino-fashion"

.

a. The collapse of unit IV left unit V without any positive means to
provide longitudinal and transverse stability to the falsework system.

b. The lack of positive connections between stringers and crossbeams
permitted falling stringers to strike shoring towers supporting
unit V.

5. The following additional deficiencies contributed to the subsequent
collapse of unit V:

a. Specified one-inch diameter bolts were not provided for connecting
crossbeams to stringers and to overlap beams.

b. The special overlap beams at the piers were not fabricated as

specified.

c. The construction sequence deviated from the specified sequence.
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APPENDIX A: LOAD-DISPLACEMENT CURVES OF SCREW JACK BASES

IN THE FULL-SCALE LOAD TESTS
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APPENDIX B: SHORING TOWER FINITE ELEMENT MODELS AND MEMBER DESIGNATIONS
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TOWER 407-1

Figure B.l West frames of towers at 407.1
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Tower 407-1

® © © ©

Figure B.2 East frames of towers at 407.1
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Tower 407-1

Truss Members

© © © ©

Figure B.3 Truss panels AE and CG of the towers at 407.1
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Tower 407-1

Truss Members

® ® © ®

Figure B.4 Truss panels BF and DH of the towers at 407.1
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Tower 408
Frame Members

- Box girder web -

Figure B.5 West frames of towers at 408
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Tower 408
Frame Members
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Figure B.6 East frames of towers at 408
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Tower 408
Truss Members
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Figure B.7 Truss panels AE and BF of towers at 408
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Tower 408
Truss Members

Figure B.8 Truss panels CG and DH of towers at 408
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APPENDIX C: FINITE ELEMENT ANALYSIS OF CROSSBEAM CD7.2

As part of the structural analysis to examine the behavior of crossbeam CD7.2
subjected to the translation of the tops of the towers at 407.2, a separate
analysis was performed. This crossbeam was supported by the four U-heads at

legs A, B, C and D. Figure C.l shows the finite element mesh used to model
the crossbeam. Overlapping plate bending (type 'BPR') and membrane (type 'PSR')
elements were used to account for the three dimensional response of the

structure. The applied boundary conditions were as follows:

1. The stringer reaction points were assumed to act as fixed supports.

2. The vertical reactions from the U-heads were applied as a distributed
load to the web of the crossbeam across the contact width of the
U-head top plate.

3. The calculated longitudinal deformations of the crossbeam along the
axis of the ramp (figure 6.6) were applied as lateral displacements
of the lower flange of the crossbeam at the supporting U-heads.

4. For the initial analysis the top plates of the U-heads were assumed
to provide restraint against rotation of the lower flange at the
support points.

The resulting analysis produced a deflected shape for the crossbeam as shown
in figure C.2. From this figure it can be seen that the largest differential
displacements (lateral and torsional) of the lower flange occur at the north
end of the crossbeam. This configuration introduces large moments into the
upper screw jacks at tower legs A and B which tend to rotate those screw
jacks towards the west. The induced moments are sufficient to overcome the
axial compression due to the vertical jack reaction and produce significant
tensile stresses on the east side of the upper screw jacks. This analysis
assumed that the U-heads provided complete rotational restraint to the lower
flange of the crossbeam. In reality there would be some rotation of the U-head
along the transverse axis due to fabrication tolerances and elastic deforma-
tions. This would tend to reduce the resulting tensile stresses below the

values based on this first analysis. Nevertheless, the induced moments would
very likely still be sufficient to result in tensile stresses on the east side
of the screw jacks. Given the small size and poor quality of the observed
welds in the screw jacks it is likely that the U-heads would have failed and
permitted the lower flange of the crossbeam to rotate.

A second analysis was performed in which the U-heads were assumed to provide
no rotational restraint to the lower flange of the crossbeam. All other
boundary conditions and applied loads were the same as in the first analysis.
The resulting deflected shape is shown in figure C.3. This change in curvature
of the crossbeam web agrees with the changes described in figure 6.7.
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Figure C.l Finite element mesh used to model crossbeam CD7.2. Shaded areas

indicate contact regions from stringers or U-head supports.
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CROSSBEAM CD7.2

Figure C.2 Deflected shape of crossbeam for analysis #1. U-head supports are
assumed to provide rotational resistance to bottom flange of

crossbeam. Dotted lines indicate original position of undeformed
beam.
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CROSSBEAM CD7.2

X

Z

Figure C.3 Deflected shape of crossbeam for analysis #2. U-head supports are
assumed to provide no rotational resistance to bottom flange of

crossbeam. Dotted lines indicate original position of undeformed
beam.
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ABSTRACT - (continued)

of safety to resist the expected loads; 3) the tops of the shoring towers were
not adequately stabilized against longitudinal movement; and 4) the weld quality
in the U-heads supporting the crossbeams was poor. Had any of these deficiencies
not existed, it is unlikely that the collapse would have occurred. Additional
deficiencies contributed to the subsequent collapse of another ramp unit. They
were as follows: 1) specified one-inch bolts were not provided for connecting
crossbeams to stringers and overlap beams; 2) special overlap beams at the piers
were not constructed as specified; and 3) the construction sequence deviated
from the specified sequence.






